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Presented in this report are guidelines for use in the seismic design o 
typical highway bridges which will be of interest to highway bridge eng neers, 
structural engineers, and researchers . This document was prepared by t e 
Applied Technology Council, BerkelPy, California, for the ~ederal Highway 
Administration (FHWA), Office of Research, under contract DOT-FH-11-9295. 
Earthquake engineering research has been included in the FHWA Federally 
Coordinated Program of Highway Research and Development as Task 1 of 
Project 5P.., "Improved Protection 1\gainst Natural Hazards of Earthouake and 
Hind." 

The guidelines are formulated and based on both the observed performance of 
bridges during past earthquakes and on recent research cvoducted in the 
United States and abroad. They are the result of input provided by a 
distinguished group of academicians, designers, and highway brid~e engineers 
and are applicable for use in all parts of the country. 

Sufficient copies of the report are being distributed to provide a minimum 
of five copies to each FHWA regional office. division office, and State 
highway agency. Direct distribution is being made to the division offices. 

C y, ~;w/' ~-- u__.,r,. 
Charles F. Schef ~ 
Director, Office of Research 
Federal Highway Administration 

NOTICE 

This document is disseminated under the sponsorship of the Department 
of Transportation in the interest of information exchange. The United 
States Government assumes no liability for its contents or use thereof. 

The contents of this report reflect the views of the contractor, who is 
responsible for the accuracy of the data presented herein. The contents 
do not necessarily reflect the official policy of th~ Department of 
Transportation. 

This report does not constitute a standard, specification, or regulation. 

The United States Government does not endorse products or manufacturers. 
Trade or manufacturers' names appear herein only because they are considered 
essential to the object of this document. 
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PREFACE 

This document, prepared by Applied Technology Council, contains guidelines for 
the seismic design of highway bridges. The guidelines are the recommendations of a 
team of nationally recognized experts, composed of consulting engineers, academicians, 
state highway engineers and federal agency representatives from throughout the United 
States. 

The guidelines are comprehensive in nature and embody several new concepts 
which are significant departures from existing design provisions. An extensive 
commentary documenting the basis for the guidelines and an example illustrating their 
use are included. The third draft of the Guidelines was used for the seismic redesign 
of twenty-one bridges in order to assess the practicability and cost impact of the 
Guidelines. The redesigns were performed by four consulting firms and five state 
highway departments. A number of significant changes resulted from the redesigns. 
A discussion of the changes and a summary of the redesign results are included as e.n 
appendix to the Guidelines. 

The document represents a consensus of the project participants. It will be 
submitted to the American Association of State Highway and Transportation Officials 
in 1981 for possible adoption in their Standard Specifications for Highway Bridges. 
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CHAPTER 1 

INTRODUCTION 

1.1 PURPOSE 

These Guidelines establish design and construction provisions for 
bridges to minimize their susceptibility to damage from earthquakes. 

The design earthquake motions and forces specified in these provisions 
are based on a low probability of their being exceeded during the normal life 
expectancy of a bridge.l Bridges and their components that are designed to 
resist these forces and that are constructed in accordance with the design 
details contained in the provisions may suffer damage, but should have low 
probability of collapse due to seismically induced ground shaking. 

The principles used for the development of the provisions are: 

1. Small to moderate earthquakes shoul d be resisted within the 
elastic range of the .structural components without significant 
damage. 

2. Realistic seismic groun~ motion intensities and forces are used in. 
the design procedures. 

3. Exposure to shaking from large earthquakes should not cause 
collap~e of all or part of the bridge. Where possible, damage 
that does occur should be readily detectable and accessible for 
inspection and repair. 

A basic premise in developing these seismic design guidelines was that 
they be applicable to all parts of the United States. The seismic risk 
varies from very small to high .across the country. Therefore, for purposes 
of design, · four Seismi·c Performance Categories '(SPC) are defined on the basis 
of an Acceleration Coefficient (A) for the site, determined from the map 
provided, . and the Importance Classification (IC). Different degrees of 
complexity and sophistication of seismic analysis and design are specified 
for each of the four Seismic Performance Categories. 

An essential bridge must be designed to function during and after an 
earthquake. In areas with an Acceleration Coefficient greater than 0.29 

. 
1
The probability of the elastic design force levels not being exceeded in 50 
years is in the range of 80 to 95%. However, the design earthquake force 
level by itself does not determine risk; the risk is also affected by the 
design rules and analysis procedures used in connection with the design 
ground motion. See Commentary for a more detailed discussion • 
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essential b~idges must meet additional requirements. A bridge is designated 
essential on the basis of Social/Survival and Security/Defense classifications 
presented in the Commentary. 

1. 2 BA8KGROUND 

The 1971 ·San Fernando earthquake was a major turning point in the 
development of seismic design criteria for bridges in the United States. 
Prior to 1971 the American Association of State Highway and Transportation 
Officials (AASHTO) specifications for the seismic design of bridges were 
based in part on the lateral force requirements for buildings developed by 
the Structural Engineers Association of California. In 1973 the California 
Department of Transportation introduced new seismic design criteria for 
bridges, which included the relationship of the site to active faults, the 
seismic response of the soils at the site and the dynamic response 
characteristics of the bridge. In 1975 AASHTO adopted Interim Specifications 
which were a slightly modified version of the 1973 CalTrans provisions, and 
made them applicable to all regions of the United States. In addition to 
these code changes the 1971 San Fernando earthquake stimulated research 
activity on seismic problems related to bridges. In light of new research 
findings the Federal Highway Administration awarded a contract to Applied 
Technology Council (ATC) to: 

• Evaluate current criteria used for seismic design of highway 
bridges. 

• Review recent seismic research findings for design applicability 
and use in new specifications. 

• Develop new and improved seismic design guidelines for highway 
bridges applicable to all regions of the United States. 

• Evaluate the impact of these guidelines and modify them as 
appropriate. 

In order to facilitate these objectives a "Workshop on Earthquake 
Resistance of Highway Bridges" was conducted by ATC in San Diego in January 
1979. The workshop considered current state-of-the-art and practice, problem 
areas in seismic design and current research efforts and findings. The 
findings and recommendations of the workshop were considered in the 
development of these seismic design Guidelines. 

1.3 BASIC CONCEPTS 

Development of the Guidelines has been predicated on the following 
basic concepts. 

• Hazard to life be minimized • 
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1.4 

• Bridges may suffer damage but have low probability of collapse due 
to earthquake motions. 

• Function of essential bridges be maintained. 

• Design ground motions have low probability of being exceeded 
during normal lifetUne of bridge. 

• Provisions be applicable to all of the United States. 

• Ingenuity of design not be restricted • 

PROJECT ORGANIZATION 

It was considered essential in the development of these Guidelines 
that representative segments of the bridge design and construction profession 
be involved. To ensure representative input and adequate consideration of 
the many factors involved, a Project Engineering Panel (PEP) comprised of the 
following was assembled: 

• Four AASHTO representatives--California (Mr . James Gates), Idaho 
(Mr. Robert Jarvis), New York (Mr. Edward Hourigan), and Oklahoma 
(Mr. Veldo Goins) • 

• Four private design firm representatives--California (Mr . James 
Libby and Dr. Geoffrey Martin), New York (Mr. Gerard Fox), and 
Pennsylvania (Mr. Robert Kealey). 

• Three university researchers--california {Professor Joseph 
Penzien), Illinois (Professor William Hall), and New Jersey 
(Professor Robert Scanlan). 

• Two FHWA representatives (Mr. James Cooper and Dr. Walter Podolny). 

• An ATC Board technical representative (Mr. Joseph Nicoletti) • 

• Two ATC staff--Project Manager (Mr. Roland Sharpe) and Project_ 
Technical Director (Dr. Ronald Mayes). 

• Subcontractors (Mr. Roy Imbsen and Dr. David Elms). 

See Appendix C for a list of the PEP, Subcontractors and their affiliations • 

The work was conducted in several phases: 

• Review of 1975 AASHTO Interim Specifications, current 
specifications in other countries, and current research findings. 

• Development of draft seismic design guidelines • 
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• Redesign studies of bridges using draft guidelines. 

• Assessment and evaluation of the redesign studies. 

• Modification of design guidelines as appropriate. 

1.5 QUALITY ASSURANCE REQUIREMENTS 

Structural failures which have occurred during earthquakes and are 
directly traceable to poor quality control during construction are 
innumerable. The literature is replete with reports pointing out that 
collapse may have been prevented had proper inspection been exercised. To 
provide adequate seismic quality assurance requirements the engineer 
specifies the quality assurance requirements, the contractor exercises the 
control to achieve the desired quality and the owner monitors the 
construction process through special inspection. It is essential that each 
party recognizes its responsibilities, understands the procedures and has the 
capability to carry them out. Because the contractor does the work and 
exercises quality control it is essential that the inspection be performed by 
someone approved by the owner and not the contractor's direct employee. 

In recognition of the fact that responsibility must . be coordinated 
during construction, the PEP examined the responsibility of each party in the 
current AASHTO specifications. The PEP found the quality assurance 
requirements of the AASHTO specifications adequate to cover seismic as well 
as other design requirements. Therefore no special quality assurance 
requirements are included in these Guidelines. 

l. 6 FLOW CHARTS AND AN EXAMPLE FOR USE OF GUIDELINES 

Flow charts outlining the steps in the seismic design procedures are 
given in Figures 1 and 2. The Commentary provides background information to 
assist the user in understanding the intent of the Guidelines; an example is 
given in Appendix A. 
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APPLICABILITY OF GUIDELINES 

•. 
Sec. 3.1 

I •. - . PRELIMINARY DESIGN 

I 
DETERMINE ACCELERATION COEFFICIENT 

Sec. 3.2 

I 
DETERMINE • 

IMPORTANCE CLASSIFICATION 
Sec. 3.3 

I 
DETERMINE 

SEISMIC PERFORMANCE CATEGORY 
Sec. 3.4 •• 

J 
DETERMINE SITE COEFFICIENT 

Sec. 3.5 

I 
DETERMINE RESPONSE MODIFICATION FACTOR 

Sec. 3.6 

SINGLE SPA YES 

• BRIDGE I 
DETERMINE 

NO DESIGN FORCES 

I I Sec. 4.5 

I SEISMIC PERFORMANCE . SEISMIC PERFORMANCE 
CATe<iORY A CATEGORIES B, C AND D DETERMINE DESIGN 

I I 
DISPLACEMENTS 

Sec. 4.9 
• 

DETERMINE SEISMIC PERFORMANCE 
DESIGN FORCES CATEGORIES B, C AND D 

Sec. 4.6 See Fig. 1-2 for Sub 

I Flow Chart 

• DETERMINE 
DESIGN DISPLACEMENTS 

Sec. 4.9.1 

• FIGURE 1. DESIGN PROCEDURE FLOW CHART 
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I DETERMINE ANAL YS!S PROCEDURE 
Sec. 4.2 

I 
DETERMINE COMPONENT ELASTIC FORCES 

AND DISPLACEMENTS 
Sec. 4.3 

1 
COMBINE LONGITUDINAL AND 

TRANSVERSE FORCES 
Sec. 4.4 

I 
DETERMINE DESIGN FORCES 

Sec. 4.7 - SPC B 
Sec. 4.8 - SPC C and D 

I 
DETERMINE DESIGN DISPLACEMENTS 

Sec. 4.9.2 - SPC B 
Sec. 4.9.3 - SPC C and D 

I 
DESIGN STRUCTURAL COMPONENTS 

Chapters 7 and 8 

I 
DESIGN FOUNDATIONS 

Chapter 6 

I 
DESIGN ABUTMENTS 

Sec. 6.3.2 - SPC B 
Sec. 6.4.2 - SPC C 
Sec. 6.5.2 - SPC D 

I 
DESIGN SETTLEMENT SLABS 

Sec. 6.5.2 - SPC D only 

ARE THE' 
COMPONENTS NO REVISE THE J 
ADEQUATE?· STRUCTURE 

YES 

SEISMIC DESIGN 
COMPLETE 

FIGURE 2. SUB·FLOW.CHART FOR SEISMIC PERFORMANCE 
CATEGORIES B, C, AND 0 
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SYMBOLS AND DEFINITIONS 

The following symbols and definitions apply t o t hese Guidelines: 

a Vertical spacing of transverse reinforcement (hoops or stirrups) in 
rectangular reinforced concrete columns (in. or mm) 

a Acceleration coefficient determined in Sec. 3.2 (dimensionless) 

• Area of reinforced concrete column core (in . 2 or mm2
) 

• Gross area of reinforced concrete column ( in . 2 or mm2
) 

=Area of longitudinal reinforcement in a concrete pile (in. 2 or 
mm2) 

= Total cross-sectional area of transverse reinforcemen t (hoops or 
strirrups) used in rectangular reinforced concrete co l umns (in. 2 

or mm2 ) 

a Total amount of reinforcement normal to a construction joint (in. 2 

or mm2 ) 

B ~ Loads resulting from buoyancy forces and used in the group load 

c~ 

d 

combinations of Eqs. 4-1 and 4-2 

~ Coefficient used in steel design to account for boundary conditions 
(dimensionless) 

=Elastic seismic response coefficient defined in Sec. 5.2.1 
(dimensionless) 

=Elastic seismic response spectrum defined in Sec. 5.2.2 
(dimension~ess) 

= ·Diameter of a reinforced concrete column (in. 2 or mm2 ) 

D = Loads resulting from dead load and used in the group load 

E 

combinations of Eqs. 4-1 and 4-2 

= Loads resulting from earth pressure and used in the group load 
combinations of Eqs. 4-1 and 4-2 

EQF = Modified foundation seismic forces used in the group load 

EQM 

combination of Eq. 4-2 and defined in Sec. 4.7.2 

= Modified seismic forces used in the group load combination of 
Eq. 4-1 and defined in Sec. 4.7.1 
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SYMBOLS AND DEFINITIONS (Continued) 

Specified compressive strength of reinforced concrete (psi or MPa) 

Yield strength of reinforcement in reinforced concrete members (psi 
qr MPa) 

fyh = Yield strength of transverse reinforcement (psi or MPa) 

Fa = Axial stress in steel design that would be permitted if axial force 
alone existed (psi or Mpa) 

Fer = Buckling stress for load factor steel design (psi or Mpa) 

H 

IC 

K 

L 

N 

Pe(x) 

Po 

= Euler buckling stress in the plane of bending (psi or Mpa) 

= Euler buckling stress for service load steel design (psi or Mpa) 

= Yield strength of structural steel (psi or MPa) 

=Acceleration of gravity (in./sec 2 or cm/sec 2 ) 

= Core dUnension of a rectangular reinforced concrete column (in. or 
um) 

= Height of a column or pier defined in Sec. 4.9 (ft or m) 

= Importance Classification given in Sec. 3.3 (dUnensionless) 

=Effective length factor used in steel design and given in Sec. 7.3 
(dimensionless) 

= Seismic coefficient used to calculate lateral earth pressures and 
defined in Sec. 6.3.2 (dimensionless) 

=Length of bridge deck defined in Sec. 4.9 (ft or m) 

= Minimum support length for girders specified in Sec. 4.9 (in. or mm) 

= Intensity of the equivalent static seismic loading applied to 
represent the primary mode of vibration in Sec 5.3 (force/unit 
length) 

=Minimum axial load specified in Sec. 4.8.3 for columns and 4.8.4 for 
piers (lb or N) 

= Assumed uniform loading used to calculate the period in Sec. 5.3 
(force/unit length) 

~ Maximum strength of concentrically loaded steel columns (lb or N) 
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SYMBOLS AND DEFINITIONS (Continued) 

R • Response modification factor specified in Sec. 3.6 (dimensionless) 

s • Spacing of spiral reinforcement in reinforced concrete columns (in. 
or mm) 

S a Site coefficient specified in Sec. 3.5.1 (dimensionless) 

SF = Loads resulting from stream flow forces and used in the group load 
combinations of Eqs. 4-1 and 4-2 

SPC = Seismic Performance Category specified in Sec. 3.4 (dimensionless) 

T =Fundamental period of the bridge determined in Sec. 5.3 (sec.) 

Tm a Period of the mth mode of vibration of a bridge (sec.) 

V· J 
= Limiting shear force across a construction joint (lb or N) 

Vu • Shear stress (psi or MPa) 

Vu • Shear force (lb or N) 

vs(x), = Static displacement profiles resulting from applied loads Po 
ve(x) and Pe, respectively, and used in Sec. 5.3 (in. or mm) 

w(x) = Dead weight of the bridge superstructure and tributary substructure 
per unit length (force/unit length) 

• The ratio of horizontal shear reinforcement area to gross concrete 
area of a vertical section- Sec. 8.4.2 (dimensionless) 

Pn • The ratio of vertical shear reinforcement area to the gross concrete 
area of a horizontal section - Sec. 8.4.2 (dimensionless) 

Ps = Volumetric ratio of spiral reinforcement for a circular column 
(dimensionless) 

~ = Strength reduction factor (dimensionless) 

a = Coefficient used to calculate the period of the bridge in Sec. 5.3 

8 

y 

(length2 ) 

= Coefficient used to calculate the period of the bridge in Sec. 5.3 
(force•length) 

= Coefficient used to calculate the period of the bridge in Sec. 5.3 
(force·length2 ) 
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CHAPTER 3 

GENERAL REQUIREMENTS 

3.1 APPLICABILITY OF GUIDELINES 

These Guidelines are for the design and construction of new bridges to 
resist the effect of earthquake motions. The provisions apply to bridges of 
conventional steel and concrete girder and box girder construction with spans 
not exceeding 500 ft (152.4 m). Suspension bridges, cable-stayed bridges, 
arch type and movable bridges are not covered by these Guidelines but general 
considerations for designing such bridges are presented in the Commentary. 
Seismic design is usually not required for buried type (culvert) bridges. 

The provisions specified in these Guidelines are minimum 
requirements. The Acceleration Coefficient (A) for a bridge site located 
within a 0.40 contour of Figs. 3 and 4 has a minimum value of 0.40. It may, 
however, be higher especially if the site is located near an active fault. 
It is recommended that a qualified professional be consulted to determine an 
appropriate value for the Acceleration Coefficient for sites located within 
the -0.40 contours of Figs. 3 and 4. 

No detailed seismic analysis is required for any single span bridge or 
for any bridge in Seismic Performance Category A. For both single span 
bridges (Sec. 4.5) and bridges qlassified as SPC A (Sec, 4.6) the connections 
must be designed for specified forces and must also meet minimum support 
length requirements (Sec. 4.9). 

3.2 ACCELERATION COEFFICIENT 

The coefficient A to be used in the application of these prov1s1ons 
shall be determined from the contour maps of Figs. 3 and 4. (Note: An 
enlarged version of Fig. 3 i.s given in the back cover of this report.) 

3.3 IMPORTANCE CLASSIFICATION 

An Importance Classification (IC) shall be assigned for all bridges 
with an Acceleration Coefficient greater than 0.29 for the purpose of 
determining the Seismic Performance Category (SPC) in Sec 3.4 as follows: 

1. Essential bridges - IC = I 

2. Other bridges - IC = II 

Bridges shall be classified on the basis of Social/Survival and 
Security/Defense requirements, guidelines for which are given in the 
Commentary • 
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3.4 SEISMIC PERFORMANCE CATEGORIES 

Each bridge shal l be assigned to one of four Seismic Performance 
Categories (SPC), A through D, based on the Acceleration Coefficient (A) and 
the Importance Classi fi cation (IC), as shown in Table 1. MinUnum analys is 
and design requirements are governed by the SPC. 

TABLE 1: SEISMIC PERFORMANCE CATEGORY ( SPC) 

3. 5 SITE EFFECTS 

Acceleration 
Coefficient 

A 

A .S 0.09 
0. 09 < A S 0 .19 
0. 19 < A S 0.29 
0. 29 < A 

Importance 
Classification (IC) 

I 

A 
B 
c 
D 

II 

A 
B 
c 
c 

The effects of site conditions on bridge response shall be determined 
from a site coefficient (S) based on soil profile types defined as follows : 

SOIL PROFILE TYPE I is a profile with either 

1. Rock of any characteristic, either shale-like or crystalline i n 
nature (such material may be characterized by a shear wave 
velocity greater than 2,500 ft/sec (762 m/sec), or by other 
appropriate means of classification); or 

2. Stiff soil conditions where the soil depth is less than 200 f t 
(61 m) and the soil types overlying rock are stable deposits of 
sands, gravels, or stiff clays. 

SOIL PROFILE TYPE II is a profile with stiff clay or deep cohesionless 
conditions where the soil depth exceeds 200 ft (61 m) and the soil types 
overlying rock are stable deposits of sands, gravels, or stiff clays . 

SOIL PROFILE TYPE I II is a profile with soft to medium-stiff cleys and 
sands, characterized by 30 f t (9 m) or more of soft to medium-stiff clays 
with or without intervening layers of sand or other cohesionless soils. 

In locations where the soil properties are not known in sufficient 
detail to determine the so i l profile type or where the profile does not fit 
any of the three types, t he site coefficient for Soil Profile Type II shall 
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be used. The soil profile coefficients apply to all foundation types 
including pile supported and spread footings. 

3.5.1 SITE COEFFICIENT 

The site coefficient (S) approximates the effects of the site 
conditions on the elastic response coefficient or spectrum of Sec. 5.2 and is 
given in Table 2. 

TABLE 2: SITE COEFFICIENT (S) 

Soil Profile T~e 

I II III -
s 1.0 1.2 1.5 

3.6 RESPONSE MODIFICATION FACTORS 

Seismic design forces for individual members and connections of bridges 
classified as SPC B, C and D are determined by dividing the elastic forces by 
the appropriate Response Modification Factor (R) as specified in Sec. 4.7 and 
4.8. The Response Modification Factors for the various components are giv~n 
in Table 3 • 
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TABLE 3: RESPONSE MODIFICATION FACTOR (R) 

Substructure 1 

Wall-Type Pier2 

Reinforced Concrete Pile Bents 
a. Vertical Piles Only 
b. One or more Batter Piles 

Single Columns 

Steel or Composite Steel 
and Concrete Pile Bents 

a. Vertical Piles Only 
b. One or more Batter Piles 

Multiple Coiumn Bent 

R 

2 

3 
2 

3 

5 
3 

5 

Connections 

Superstructure to Abutment 

Expansion Joints within 
a Span of the Superstructure 

Columns, Piers or Pile Bents 
to Cap Beam or Superstructure3 

Columns or Piers 
to Foundations3 

lThe R-Facto.r is to be used for both orth~gonal axes of the substructure. 

R 

0.8 

0.8 

1.0 

1.0 

2A wall-type pier may be designed as a column in the weak direction of the 
pier provided all the provisions for columns in Chapter 8 are followed. The 
R-Factor for a single column can then be used. 

3ror bridges classified as SPC C and D it is recommended that the connec
tions be designed for the maxUnum forces capable of being developed by 
plastic hinging of the column or column bent as specified in Sec. 4.8.5. 
These forces will often be significantly less than those obtained using an 
R-Factor of 1. 
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FIGURE 3. ACCELERATION COEFFICIENT- CONTINENTAL UNITED STATES 
I An enlarged version of this map, including counties, 
is given in the back cover of the report) . 
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ALASKA 

.\ ., 

HAWAII 
PUERTO RICO 

FIGURE 4. ACCELERATION COEFFICIENT- ALASKA, HAWAII, AND PUERTO RICO 
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CHAPTER4 

ANALYSIS AND DESIGN REQUIREMENTS 

4.1 GENERAL 

The provisions of this chapter shall control the selection of the 
analysis procedure and seismic design forces and displacements. The elastic 
seismic forces shall be determined in accordance with the procedures of 
Chapter 5. Material and foundation design requirements are given in Chapters 
6, 7, and 8. 

4.2 

EXCEPTION: 
Seismic design requirements for single span bridges are given in 
Sec. 4.5 and 4.9 and design requirements for bridges classified 
as SPC A are given in Sec. 4.6 and 4.9.1. 

ANALYSIS PROCEDURE 

Two minimum analysis procedures are defined and the applicable 
procedure for a given type of bridge, which depends on the number of spans, 
the geometrical complexity and the Seismic Performance Category, is given in 
Table 4. A more rigorous, generally accepted procedure may be used in lieu . 
of the recommended minimum • 

TABLE 4: ANALYSIS PROCEDURE 

Seismic Regular1 Bridges Irregular2 Bridges 
Performance with with 

Category 2 or More Spans 2 or More Spans 

A 
B 1 1 
c 1 2 
D 1 2 

,, ··. 

lA "regular" bridge has no abrupt or unusual changes in mass, stiffness -.. ~r· . ·. 
geometry along its span and has no large differences in these p~r~~te'fs 
between adjacent supports (abutments excluded). For example a bridge may be 
considered regular if it is straight or describes a sector of an art not 
exceeding 90° and has adjacent columns, or piers, that do not diffet ·in 
stiffness by more than 257.. (Percentage difference is to be based on the 
lesser of two adjacent quantities as the reference.) ··,,. 

2An "irregular" bridge is any bridge that does not satisfy the definition 
of a regular bridge • 
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The two analysis procedures to be used are as follows: 

PROCEDURE 1: Single-Mode Spectral Method 

PROCEDURE 2: Mul timode Spectral Method 

Details of these procedures are given in Chapter 5. 

EXCEPTION: 
Detailed seismic analysis is not required for a single-span 
bridge or for bridges classified as SPC A. 

4.3 DETERMINATION OF ELASTIC FORCES AND DISPLACEMENTS 

For bridges classified as SPC B, C or D the elastic forces and 
displacements shall be determined independently along two perpendicular axes 
by use of the analysis procedure specified in Sec. 4.2. The resulting forces 
shall then be combined as specified in Sec. 4.4. Typically the perpendicular 
axes are the longitudinal and transverse axes of the bridge but the choice is 
open to the designer. The longitudinal axis of a curved bridge may be a 
chord connecting the two abutments. 

4.4 COMBINATION OF ORTHOGONAL SEISMIC FORCES 

A combination of orthogonal seismic forces is used to account for the 
directional uncertainty of earthquake motions and the simultaneous 
occurrences of earthquake forces in two perpendicular horizontal directions. 
The elastic seismic forces and moments resulting from analyses in the two 
perpendicular directions of Sec. 4.3 shall be combined to form two load cases 
as follows: 

LOAD CASE 1: Seismic forces and moments on each of the principal axes 
of a member shall be obtained by adding 100% of the absolute value of the 
member elastic seismic forces and moments resulting from the analysis in one 
of the perpendicular (longitudinal) directions to 30% of the absolute value 
of the corresponding member elastic seismic forces and moments resulting from 
the analysis in the second perpendicular direction (transverse). (NOTE: The 
absolute values are used because a seismic force can be positive or negative.) 

LOAD CASE 2: Seismic forces and moments on each of the principal axes 
of a member shall be obtained by adding 100% of the absolute value of the 
member elastic seismic forces and moments resulting from the analysis in the 
second perpendicular direction (transverse) to 30% of the absolute value of 
the corresponding member elastic seismic forces and moments resulting from 
the analysis in the first perpendicular direction (longitudinal). 

EXCEPTION: 
For SPC C and D when foundation and/or column connection forces 
are determined from plastic hinging of the columns (Sec. 4.8.2) 
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the resulting forces need not be combined as specified in this 
section. If a pier is designed as a column per Sec. 4.8.4 this 
exception only applies for the weak direction of the pier when 
forces resulting from plastic hinging are used. The combination 
specified must be used for the strong direction of the pier • 

4.5 DESIGN REQUIREMENTS FOR SINGLE SPAN BRIDGES 

A detailed seismic analysis is not required for single span bridges. 
However, the connections between the bridge span and the abutments shall be 
designed both longitudinally and transversely to resist the gravity reaction 
force at the abubnent multiplied by the Acceleration Coefficient of the 
site. The minimum support lengths shall be as specified in Sec. 4.9. 

4.6 DESIGN FORCES FOR SEISMIC PERFORMANCE CATEGORY A 

The connection of the superstructure to the substructure shall be 
designed to resist a horizontal seismic force equal to 0.20 times the dead 
load reaction force in the restrained di~ections. 

4. 7 . DESIGN FORCES FOR SEISMIC PERFORMANCE CATEGORY B 

4.7.1 QESIGN FORCES FOR STRUCTURAL MEMBERS AND. CONNECTIONS 

Seismic design forces specified in this subsection shall apply to: 

(a) The superstructure, its expansion joints and the connections 
between the superstructure and the supporting substructure • 

(b) The supporting substructure down to the base of the columns 
and piers but not including the footing, pile cap or piles. 

{c) Components ·connecting the superstructure to the abutment. 

Seismic design forces for the above components shall be determined 
by dividing_ the elastic seismic forces obtained from Load Case 1 and Load 
Case 2 of Sec. 4.4 by the appropriate Response Modification Factor of Sec. 
3.6. The modified seismic forces resulting from the two load cases shall 
then be combined independently with forces from other loads as specified in 
the following group loading combination for the components. Note that the 
seismic forces are reversible (positive and negative) and the maximum loading 
for each component shall be calculated as follows: 

where 

Group Load = 1.0 (D + B + SF + E + EQM) (4-1) 

D = dead load SF • stream-flow pressure 
B = buoyancy E • earth pressure 

EQM = elastic seismic force for either Load Case 1 or Load Case 2 
of Sec. 4.4 modified by dividing by the appropriate R-Factor. 
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Each component of the structure shall be designed to withstand the 
forces resulting from each load combination according to the Standard AASHTO 
Specifications for Highway Bridges, 12th Edition adopted by AASHTO and the 
additional requirements of Chapters 6, 7 and 8 of these Guidelines. Note 
that Eq. 4-1 shall be used in lieu of AASHTO Group VII group loading 
combination and that the and factors equal 1. For Service Load Design a 
50% increase is permitted in the allowable stresses for structural steel and 
a 33-1/3% increase for reinforced concrete. 

4.7.2 DESIGN FORCES FOR FOUNDATIONS 

Seismic design forces for foundations, including footings, pile 
caps, and piles shall be the elastic seismic forces obtained from Load Case 1 
and Load Case 2 of Sec. 4.4 divided by the Response Modification Factor (R) 
specified below. These modified seismic forces shall then be combined 
independently with forces from other loads as specified in the following 
group loading combination to determine two alternate load combinations for 
the foundations. 

Group Load = 1.0 ( D + B + SF + E + EQF) (4-2) 

where D, B, E and SF are as defined in Sec. 4.7.1 and 

EQF = the elastic seismic force for either Load Case 1 or Load 
Case 2 of Sec. 4.4 divided by half the R-Factor for the 
substructure (column or pier) to which it is attached. 

EXCEPTION: 
For pile bents the R-Factor shall not be divided by 2. 

Each component of the foundation shall be designed to resist the 
forces resulting from each load combination according to the requirements of 
Chapter 6 and the Standard Specifications for Highway Bridges, 12th Edition, 
adopted by AASHTO. 

4.7.3 ABUTMENTS AND RETAINING WALLS 

The components (bearings, shear keys) connecting the superstructure 
to an abutment shall be designed to resist the forces specified in Sec. 4.7.1. 

Design requirements for abutments are given in Sec. 6.3.2. 

4.8 DESIGN FORCES FOR SEISMIC PERFORMANCE CATEGORIES C AND D 

Two sets of design forces are specified in Sec. 4.8.1 and 4.8.2 for 
bridges classified as Category C or D. The design forces for the various 
components are specified in Sec. 4.8.3 through 4.8.7. 
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4.8.1 

columns 
case by 

4.8.2 

MODIFIED DESIGN FORCES 

These shall be determined as given in Sec. 4.7.1 except that for 
a maximum and minimum axial force shall be calculated for each load 
taking the seismic axial force as positive and negative. 

FORCES RESULTING FROM PLASTIC HINGINq IN THE COLUMNS, PIERS OR 
BENTS 

The force resulting from plastic hinging at the top ·and/or bottom 
of the column shall be calculated after the preliminary design of the columns 
is complete. The forces resulting from plastic hinging are recommended for 
determining design forces for most components as specified in Sec. 4.8.3 
through 4.8.6. Alternate conservative design forces are specified if forces 
resulting from plastic hinging are not calculated. The procedures for 
calculating these forces for single column and pier suppor.ts and bents with 
two or more columns are given in the following subsections • 

4.8.2(A) Single Columns and Piers 

The forces shall be calculated for the two principal axes of a 
column and in the weak direction of a pier or bent as follows: 

Step 1. Determine the column overstrength plastic moment 
capacities. For reinforced concrete columns, use a strength reduction factor 
(~) of 1.3 and for structural steel columns use 1.25 times the nominal yield 
strength. (NOTE: This corresponds to the normal use of a strength reduction 
factor for reinforced concrete. In this case· it provides an increase in the 
ultimate strength.) For both materials use the maximum elastic column axial 
load from Sec. 4.4 added to the column dead load • 

Step 2. Using the column overstrength plastic moments, 
calculate the corresponding .column· shear force~ For flared columns this 
calculation shall be performed using the overstrength plastic moments at both 
the top and bottom of the flare with the appropriate column height. If the 
foundation of a column is significantly below ground level, consideration 
should be given to the possibility of the plastic hinge forming above the , · 
foundation. If this can occur the column length between plastic hinges shall 
be used to calculate the column shear force. 

The forces corresponding to a single column hinging .are: 

1. Axial Forces - unreduced maximum and minimum seismic axial 
load of Sec. 4.4 plus the dead load. 

2. Moments - those calculated in Step 1. 

3. Shear Force - that calcula ted in Step 2 • 
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4.8.2(B) 

calculated 
the bent. 
calculated 
the forces 

Bents with Two or More Columns 

The forces for bents with t wo or more columns shall be 
both in the plane of the bent and perpendicular t o t ne plane of 
Perpendicular to the plane of the bent the forces sha ll be 
as for single columns in Sec . 4. 8 .2(A) . In the plane of the bent 
shall be calculated as follows: 

Step 1. Determine the column overstrength pl ast ic moment 
capacities. For reinforced concre t e use a s t r ength reduction f ac t or (¢) of 
1.3 and for structural steel use 1.25 times the nominal yield strength. 
(NOTE: This corresponds to the normal use of a strength r eduction factor for 
reinforced concrete. In this case it provides &n increase i n the ultimate 
strength.) For both materials use the axial l oad corresponding to the dead 
load. 

Step 2. Using the column ove r s trength plastic momen ts 
calculate the corresponding column shear f orces. Sum the column shear s of 
the bent to determine the maximum shear forc e ~or the bent . Note that , if a 
partial-height wall exists between the columns , the effective column height 
is taken from the top of the wall. For flared columns and foundations below 
ground level see Sec. 4 . 8.2(A) Step 2 . For pile bents the l ength of pile 
above the mud line shall be used to ca l culate the shear forc e . 

Step 3. Apply the bent shear force t o the top of the bent 
(center of mass of the superstructure above t he bent) and de t ermine the axial 
forces in the columns due to overtur~ing whzn the column overstrength plastic 
moments are developed . 

Step 4. Using thes e column axial forces combined with the 
dead load axial forces, determine rev i sed column overstrength pl a stic 
moments. With the revised overstreng t h pl astic moments calculat e t he column 
shear forces and the maximum shear f orce f or the bent. If t he maximum shear 
force for the bent is not within 10% of the value previously dete rmined , use 
this maximum bent shear force and return to Step 3. 

The forces in the indiv i dua l columns in t he plane of a bent 
corresponding to column hinging, are: 

1. Axial Forces - the maximum and minimum a xial load is the 
dead load plus, or minus, the axi al load determined from 
the final iteration o f Step 3. 

2 . Moments - the column overstrength pl as tic momen t s 
corresponding to the maximum compressi ve a xi al load 
spec ified in (1) wi t h a str ength reduction f ac t or of 1 . 3 
for reinforced concre t e and 1.25 t i mes t he nomi na l yield 
strength for structural steel . 

3. Shear Force - the shear force corresponding co the column 
overstrength moments in (2), no t i ng the provisions i n St ep 
2 above. 
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4.8.3 

I' 

COLUMN AND PILE BENT DESIGN FORCES 

Design forces for columns and pile bents shall be the following: 

(a) Axial Forces - the minimum and maximum design force shall 
either be the elastic design values determined in Sec. 4.4 
added to the dead load, or the values corresponding to 
plastic hinging of the column and determined in Sec. 4.8.2~ 
Generally the values corresponding to column hinging will be 
smaller and then it is recommended that these smaller values 
be used • 

(b) Moments - the modified design moments determined in Sec. 
4.8.1. 

(c) Shear Force - either the elastic design value determined from 
Sec. 4.8.1 using an R-Factor of 1 for the column or the value 
corresponding to plastic hinging of the column as determined 
in Sec. 4.8.2. Generally the value corresponding to column 
hinging will be significantly smaller and then it is 
recommended that this smaller value be used. 

4.8.4 PIER DESIGN FORCES 

The design forces shall be those determined in Sec. 4.8.1 except 
if the pier is designed as a column in its weak direction. If the pier is 
designed as a column the design forces in the weak direction shall be as 
specified in Sec. 4.8.3 and all the design requirements for columns of 
Chapter 8 shall apply. (NOTE: When the forces due to plastic hinging are 
used in the weak direction the combination of forces specified in Sec. 4.4 is 
not applicable.) 

4.8.5 CONNECTION DE~IGN FORCES 

The design forces shall be those determined in Sec. 4.8.1 except 
that for superstructure connections to columns and column connections to cap 
beams or footings, the alternate forces specified in 4.8.5(C) below are 
recommended. Additional design forces at connections are as follows: 

4.8.5(A) Longitudinal Linkage Forces 

Positive horizontal linkage shall be provided between adjacent 
sections of the superstructure at supports and expansion joints within a 
span. The linkage shall be designed for a minimum force of the Acceleration 
Coefficient times the weight of the lighter of the two adjoining spans or 
parts of the structure. If the linkage is at a point where relative 
displacement of the sections of superstructure is designed to occur during 
seismic motions, sufficient slack must be allowed in the linkage so that the 
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linkage force does not start to act until the design displacement is exceeded. 
Where linkage is to be provided at columns or piers, the linkage of each span 
may be attached to the column or pier rather than between adjacent spans. 
Positive linkage shall be provided by ties, cables, dampers or an equivalent 
mechanism. Friction shall not be considered a positive linkage. 

4.8.5(B) Hold-Down Devices 

Hold-down devices shall be provided at all supports or hinges 
in continuous structures, where the vertical seismic force due to the 
longitudinal horizontal seismic load opposes and exceeds 50% but is less than 
100% of the dead-load reaction. In this case the minimum net upward force 
for the hold-down device shall be 10% of the dead load downward force that 
would be exerted if the span were simply supported. 

If the vertical seismic force (Q) due to the longitudinal 
horizontal seismic load opposes and exceeds 100% of the dead load reaction 
(DR), the net upwards force for the hold-down device shall be 1.20(Q-DR) but 
'it shall not be less than that specified in the previous paragraph. 

4.8.5(C) Column and Pier Connection Design Forces 

The recommended connection design forces between the 
superstructure and columns, columns and cap beams, and columns and spread 
footings or pile caps are the forces developed at the top and bottom of the 
columns due to column hinging and determined in Sec. 4.8.2. The smaller of 
these or the values specified in Sec. 4.8.1 may be used. Note that these 
forces should be calculated after the column design is complete and the 
overstrength moment capacities have been obtained. 

4.8.6 FOUNDATION DESIGN FORCES 

The design forces for foundations including footings, pile 
caps and piles may be either those forces determined in Sec. 4.8.1 or the 
forces at the bottom of the columns corresponding .to column plastic hinging 
and determined in Sec. 4.8.2. Generally the values corresponding to column 
hinging will be significantly smaller and then these smaller values are 
recommended for design. 

When the columns of a bent have a common footing the final 
force distribution at the base of the columns in Step 4 of Sec. 4.8.2(B) may 
be used for the design of the footing in the plane of the bent. This force 
distribution produces lower shear forces and moments on the footing because 
one exterior column may be in tension and the other in compression due to the 
seismic overturning moment. This effectively increases the ultimate moments 
and shear forces on one column and reduces them on the other. 
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4.8.7 ABUTMENT AND RETAINING WALL DESIGN FORCES 

The components (bearings, shear keys, etc.) connecting the 
superstructure to an abutMent shall be designed to resist the forces 
specified in Sec. 4.8. 1 • 

Design requirements for abutMents are given in Sec. 6.4.2 for SPC 
C and Sec. 6.5.2 for SPC D. 

4.9 DESIGN DISPLACEMENTS 

Minimum bearing support lengths as determined in this section shall be 
provided for the expansion ends of all girders. 

4.9.1 SKISMIC PERFORMANCE CATEGORY A 

Bridges classified as SPC A shall meet the following requirement: 
Bearing seats supporting the expansion ends of girders, as shown in Fig. 5, 
shall be designed to provide a minimum support length N (in. or mm) me~sured 
no~al-to the face of an abutMent or pier, not less than that specified below. 

or 

where 

N • 8 + O.OZL + 0.08H (in.) 

N s 203 + 1.67L + 6.66H (mm) 

(4-3A) 

(4-3B) 

L • length, in feet for Eq. 4-3A or meters for Eq. 4-3B, of the 
bridge deck to the adjacent expansion joint, or to the end of 
the bridge deck. ·For hinges within a span, L shall be the sum 
of L1 and L2, the distances to either side of the hinge. 
For single span bridges L equals the length of the bridge 
deck. These lengths are shown in Fig. 5. 

For abutMents 

H =· average height, in feet for Eq. 4-3A or meters for Eq. 4-3B, 
of columns supporting ·the bridge deck to the next expansion 
joint. H = 0 for single span bridges • 

For columns and/or piers 

H = column or pier height in feet for Eq. 4-3A or meters for Eq. 
4-3B • 

For hinges within a span 

H = average height of the adjacent two columns or piers in feet 
for Eq . 4-3A or meters for Eq. 4-3B • 
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4.9.2 SEISMIC PERFORMANCE CATEGORY B 

The seismic design displacements shall be the maximum of those 
determined in accordance with Sec. 4.3 or those specified in Sec. 4.9. 1. 

4.9.3 SEISMIC PERFORMANCE CATEGORIES C AND D 

The seismic design displacements shall be the maximum of those 
determined in accordance with Sec. 4.3 or those specified in Sec . 4.9.1 
except that Eq. 4-3 shall be replaced by 

N 12 + 0.03L + 0.12H (in.) 

or N = 305 + 2 .5L + lOH (11111) 

(4-4A) 

(4-4B) 

Where N, L and Hare as specified in Sec. 4.9.1. 

Positive horizontal linkage shall be provided at all superstructure 
gaps or expansion joints within a span as specified in Sec. 4.8.5. 

Relative displacements between different segments of the bridge 
should be carefully considered in the evaluation of the results determined in 
accordance with Sec. 4.3. Relative displacements arise from effects that are 
not easily included in the analysis procedure but should be considered in 
determining the design displacements. They include the following: 

(a) Torsional displacements of bridge decks on skewed supports. 

(b) Rotation and/or lateral displacements of the foundations. 

· ·(c) Out-of-phase displacements of different segments of the 
bridge. This is especially important in determining seat 
widths at expansion joints. 

(d) Out-of-phase rotation of abu~ents and columns induced by 
travelling seismic waves. 

See the Co11111entary on this section for a more detailed discussion. 
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CHAPTER 5 

ANALYSIS METHODS 

5.1 GENERAL 

The requirements of this chapter shall control the seismic analysis of 
bridges prescribed in Sec. 4.2. Two analysis procedures are presented. 

Procedure 1. 
Procedure 2 • 

Single~ode Spectral Method 
Multimode Spectral Method 

In both methods, all fixed column, pier or abutment supports are 
assumed to have the same ground motion at the same instant in time. At 
movable supports, displacements determined from the analysis prescribed in 
this chapter, which exceed the minimum requirements as specified in Sec. 
4.9.2 and 4.9.3, shall be used in design without reduction • 

5.2 ELASTIC SEISMIC RESPONSE COEFFICIENT AND SPECTRUM 

5.2;1 ELASTIC SEISMIC RESPONSE COEFFICIENT: PROCEDURE· 1 

The elastic seismic response coefficient Cs used to determine 
the design forces is given by the dimensionless formula: 

the Acceleration Coefficient from Sec. 3.2, 

(5-1) 

where A"" 
s "' the dimensionless coefficient for the soil profile characteristics 

of the site as given in Sec. 3.5, 
T ,. the period of the bridge as . determined in Sec. 5.3 or by other 

acceptable methods. 

The value of Cs need not exceed 2.5A. For Soil Profile Type. III soils in 
areas where A 2 0.30, Cs need not exceed 2.0A • 

5.2.2 ELASTIC SEISMIC RESPONSE SPECTRUM: PROCEDURE 2 

The elastic seismic response coefficient for mode "m", Csm' 
shall be determined in accordance with the following formula: 

l.2AS 
C sm = -:;zr'J 

m 

where Tm = the period of the mth mode of vibration • 
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The value of C5 m need not exceed 2.5A. For Type III soils ~n areas where 
the coefficient A ~ 0.30, Csm need not exceed 2.0A. 

EXCEPTIONS: 
1. For Soil Profile Type III soils, Csm for modes other 
than the fundamental mode, which have periods less than 
0.3 sec. may be determined in accordance with the following 
formula: 

C = A(O.S + 4.0T ) 
sm m 

2. For structures in which any Tm exceeds 4.0 sec, the 
value of Csm for that mode may be determined in accordance 
with the following formula: 

C 3AS 
sm ·= T 4/3 

m 

5.3 SINGLE MODE SPECTRAL ANALYSIS METHOD--PROCEDURE 1 

(5-3) 

(5-4) 

The single mode spectral analysis method described in the following 
steps may be used for both transverse and longitudinal earthquake motions. 
Examples illustrating its application are given in the Commentary. 

Step 1. Calculate the static displacements v8 (x) due to an assumed 
uniform loading p0 as shown in Figure 6. Abutment stiffness, if desired, 
can be incorporated by the procedure outlined in Sec. C5.3 of the 
Commentary. The uniform loading p0 is applied over the length of the 
bridge; it has units of force/unit length and is arbitrarily set equal to 1. 
The static displacement vs(x) has units of length. 

X t-----------~~~) 
It tttlt L~ 

(a) Plan-Transverse Loading 

.. 
(b) Elevation-Longitudinal Loading 

FIGURE 6. BRIDGE DECK SUBJECTED TO ASSUMED TRANSVERSE 
AND LONGITUDINAL LOADING 
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Step 2. Calculate factors a, 8, and Y from the expressions 

a • Jvs (x)dx 

e ,. Jw(x)vs(x)dx 

Y • Jw(x)vs(x)
2
dx 

(5-5) 

(5-6) 

(5-7) 

where w(x) is the weight of the dead load of the bridge superstructure and 
tributary substructure (see Appendix A) (force/unit length). The computed 
factors, a, 8, Y, have units of (length2), (force•length), and (force·length2), 
respectively. 

The weight should take into account structural elements and other 
relevant loads including, but not limited to, pier caps, abutments, columns 
and footings. Other loads such as live loads may be included. (Generally, 
the inertia effects of live loads are not included in the analysis; however, 
the design of bridges having high live to dead load ratios located in 
metropolitan areas where traffic con-gestion is · likely to occur should 
consider the probability of a large live load being on the bridge during an 
ear.thq,uake • ) 

Step 3. Calculate the period of the bridge using the express ion: 

T ,. 

where g • acceleration of gravity (length/time2) • 

Step 4. Calculate the equivalent static earthquake loading Pe(x) 
from. the expression: 

ec 
pe(x) • ~ w(x)vs(x) 

(5-8) 

(5-9) 

where Cs • the dimensionless elastic seismic response coefficient . gi~en 
by E q. ( 5-l ) , 

Pe(x) • the intensity of the equivalent static seismic loading 
applied to represent the primary mode of vibration 
(force/unit length) • 

Step 5. Apply loading Pe(x) to the structure as shown in Fig. 7 and 
determine the resulting member forces and displacements for design • 
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5.4 MU~TIMODE SPECTRAL ANALYSIS METHOD--PROCEDURE 2 

The multimode response spectrum analysis should be performed wi th a 
suitable space frame linear dynamic analysis computer program. Currently 
ava i l able computer programs are included in the Commentary . 

t V(x) 

--

5.4.1 

---- -_ .... 

X X 

(a) Plan -Transverse Loading (b) Elevation-Longitudinal Loading 

FIGURE 7. BRIDGE DECK SUBJECTED TO EQUIVALENT TRANSVERSE AND 
LONGITUDINAL SEISMIC LOADING 

GENERAL 

The multimode spectral analysis method applies to bridges with 
irr egular geometry which induces coupling in the three coordina t e direct i ons 
within each mode of vibration. These coupling effects make it di fficult to 
categorize the modes into simple longitudinal or transverse modes of vibration 
and , in addition, several modes of vibration will in general contribute to the 
tota l response of the structure. A computer program wi t h space frame dynamic 
analysis capabilities should be used to determine coupling effects and 
multimodal contributions to the final response. Motions applied at the 
supports in any one of the two horizontal directions will produce forces 
along both principal axes of the individual members because of the coupling 
effects. For curved structures, the longitudinal motion shall be directed 
along a chord connecting the abutments and the transverse motion shall be 
appli ed normal to the chord. Forces due to longitudina l and transverse 
motions shall be combined as specified in Sec. 4.4. 

5 .4. 2 MATHEMATICAL MODEL 

The ·bridge should be modeled as a three-dimensional space frame 
wi t h joi nts and nodes selected to realistically model the stiffness and 
inertia effects of the structure. Each joint or node should have six degr ees 
of freedom, three translational and three rotational. The structural mass 
should be lumped with a minimum of three translational inertia terms. 
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The mass should take into account structural elements and other 
relevant loads including; but not limited to, pier caps, abutments, columns 
and footings. Other loads such as live loads may be included. (Generally, 
the inertia effects of live loads are not included in the analysis; however, 
the design of bridges having high live to dead load ratios located in 
metropolitan areas where traffic congestion is likely to occur should 
consider the probability of a large live load being on the bridge during an 
earthquake.) 

5.4.2(A) Superstructure 

The superstructure should, as a minimum, be modeled as a 
series of space frame members with nodes at such points as the span quarter 
points in addition to joints at the ends of each span. Discontinuities 
should be included in the superstructure at the expansion joints and 
abutments. Care should be taken to distribute properly the lumped mass 
inertia effects at these locations. The effect of earthquake restrainers at 
expansion joints may be approximated by superimposing one or more linearly 
elastic members having the stiffness properties of the engaged restrainer 
units. 

5.4.2(B) Substructure 

The intermediate columns or piers should also be modeled as 
space frame members. Generally, for short, stiff columns having lengths less 
than one-third of either of the adjacent span lengths, intermediate nodes are 
not necessary. Long, flexible columns should be modeled with intermediate 
nodes at the third points in addition to the joints at the ends of the 
columns. The model should consider the eccentricity of the columns with 
respect to the superstructure. Foundation conditions at the base of the 
columns and at the abutments may be modeled using equivalent linear spring 
coefficients. 

5.4 .3 MODE SHAPES AND PERIODS 

The required periods and mode shapes of the bridge in the 
direction under consideration shall be calculated by established methods for 
the fixed base condition using the mass and elastic stiffness of the entire 
seismic resisting system • 

5.4.4 MULTIMODE SPECTRAL ANALYSIS 

The response should, as a minimum, include the effects of a number 
of modes equivalent to three times the number of spans up to a maximum of 25 
modes • 
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5.4 . 5 MEMBER FORCES AND DISPLACEMENTS 

Yne member forces and displacemen t s can be estimated by combining 
t he respec tive response quantities (e.g., for ce, dis pl acement, or relative 
displ acement) from the individual modes by the Square Root of the Sum of the 
Squares (SRSS ) method. The member forces and displ acements obtained using 
the SRSS method of combining modes is generally adequate for most bridge 
sy stems because they have well-separated modes of vibration characterized by 
significant differences in the natural periods of each of the modes. For 
bri dges with closely spaced modes (within 10% ), other more appropriate 
methods of combining or weighting the individual contributions should be 
considered to obtain the total final response (see Commentary). 

r 

:~ 

'·.' 

. ~ · . . 



• 

• 

·-
• 

• 

• 

• 

• 

• 

• 

• 

CHAPTER 6 

FOUNDATION AND ABUTMENT DESIGN REQUIREMENTS 

6.1 GENERAL 

This chapter includes only those foundation and abutment requirements 
that are specifically related to seismic resistant construction. It assumes 
compliance with .all the basic requirements necessary to provide support for 
vertical loads and lateral loads other than those due to earthquake motions. 
These include, but are not limited to, provisions for the extent of 
foundation investigation, fills, slope stability, bearing and lateral soil 
pressures, drainage, settlement control, and pile requirements and capacities. 

6.2 SEISMIC PERFORMANCE CATEGORY A 

Th~re are no s~ecial seismic design requirements for this category • 

6.3 SEISMIC PERFORMANCE CATEGORY B 

Bridges classified as SPC B shall conform to all the requirements of · 
this section • 

6.3.1 FOUNDATIONS 

Foundation and abutment seismic design requirements for SPC B are 
given in the following subsections • 

6.3.1(A) Investigation 

In addition to the normal site investigation report, the 
Engineer may require the submission of a report which shall include the 
results of an investigation · to determine potential hazards and seismic design 
requirements related to (1) slope instability, (2) liquefaction, (3) fill 
settlement, and (4) increases in lateral earth pressure, all as a result of 
earthquake motions. Seismically-induced slope instability in approach fills 
or cuts may displace abutments and lead to significant differential 
settlement and structural damage. Fill settlement and abutment displacements 
due to lateral pressure increases may lead to bridge access problems and 
structural damage. Liquefaction of saturated cohesionless fills or 
foundation soils may contribute to slope and abutment instability, and lead 
to a loss of foundation bearing capacity and lateral pile support. 
Liquefaction failures of the above types have led to many bridge failures 
during past earthquakes (a discussion on liquefaction potential assessment ~s 
provided in the Commentary) • 
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6.3.1(B) Foundation Design 

For the load combinations specified in Sec. 4.7.2, the soil 
strength capable of being mobilized by the foundations shall be established 
in the site investigation report. Because of the dynamic cyclic nacure of 
seismic loading, the ultimate capacity of the foundation supporting medium 
should be used in conjunction with these load combinations . Due consideration 
shall be given to the magnitude of the seismically-induced foundation 
settlement that the bridge can withstand. 

Transient foundation uplift or rocking involving separation 
from the subsoil of up to one-half of an end bearing foundation pile group or 
up to one-half of the contact area of foundation footings is permitted under 
seismic loading, provided that foundation soils are not susceptible to loss 
of strength under the imposed cyclic loading. 

General comments on soil strength and stiffness mobilized 
during earthquakes, foundation uplift, lateral loading of piles, 
soil-structure interaction and foundation design in environments susceptible 
to liquefaction are provided in the Commentary. 

6.3.1(C) Special Pile Requirements 

The following special pile requirements are in addition to the 
requirements for piles in other applicable specifications. 

Piles may be used to resist both axial and lateral loads. The 
m1n~um depth of embedment, together with the axial and lateral pile 
capacities, required to resist seismic loads shall be determined by means of 
the design criteria established in the site investigation report. Note that 
the ultimate capacity of the piles should be used in designing for seismic 
loads. 

All piles shall be adequately anchored to the pile footing or 
cap. Concrete piles shall be anchored by embedment of sufficient length of 
pile reinforcement (unless special anchorage is provided) to develop uplift 
forces but in no case shall this length be less than the development length 
required for the reinforcement. Each concrete-filled pipe pile shall be 
anchored by at least 4 reinforcing steel dowels with a minimum steel ratio of 
0.01 embedded sufficiently as required for concrete piles. Timber and steel 
piles, including unfilled pipe piles, shall be provided with anchoring 
devices to develop all uplift forces adequately but in no case shall these 
forces be less than 10% of the allowable pile load. 

All concrete piles shall be reinforced to resist the design 
moments, shears, and axial loads. Minimum reinforcement shall be not less 
than the following: 

1. Cast-in-Place Concrete Piles. Longitudinal reinforcing 
steel shall be provided for cast-in-place concrete piles 
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6.3.2 

6.3.2(A) 

2. 

.,. 
·,; 

in the upper one-third (8 ft or 2.4 m minimum) of the pile 
length with a minimum steel ratio of 0.005 provided by at 
least 4 bars. Spiral reinforcement or equivalent ties of 
1/4 in. (6.3 mm) diameter or larger shall be provided at 
9 in. (229 mm) maximum pitch, except for the top 2 ft 
(610 mm) below the pile cap reinforcement where the pitch 
shall be 3 in. (76 mm) maximum. 

Precast Piles. Longitudinal reinforcing steel shall be 
provided for each precast concrete pile with a minimum 
steel ratio of 0.01 provided by at least 4 bars. Spiral 
reinforcement or equivalent ties of No. 3 bars or larger 
shall be provided at 9 in. (229 mm) maximum pitch, except 
for the top 2 ft (610 mm) below the pile cap reinforcement 
where the pitch shall be 3 in. (76 mm) maximum. 

3. Precast-Prestressed Piles. Ties in precast-pre•tressed 
piles shall conform to the requirements of precast piles • 

ABUTMENTS 

Free-Standing Abutments 

For free-standing abutments or reta1n1ng walls which may 
displace horizontally without significant restraint (e.g., superstructure 
supported by sliding bearings), the pseudo-static Mononobe-okabe method of 
analysis (see Commentary) is rec~ended for computing lateral active soil 
pressures during seismic loading. A seismic coefficient equal to one-half 
the acceleration coefficient (kh=A/2) is recommended. The effects of 
vertical acceleration may be omitted. Abutments should be proportioned to 
slide rather than tilt, and provisions should be made to accommodate small 
horizontal seismically-induced abutment displacements when minimal damage is 
desired at abutment supports. Abutment displacements of up to lOA in. 
(254A mm) may be expected. 

The seismic design of free-standing abutments should take into 
account forces arising from seismically-induced lateral earth pressures, 
additional forces arising from wall inertia effects and the transfer of 
seismic forces from the bridge deck through bearing supports which do not 
slide freely (e.g., elastomeric bearings). 

For free-standing abutments which are restrained from 
horizontal displacement by anchors or batter piles, the magnitudes of 
seismically-induced lateral earth pressures are higher than those given by 
the Mononobe-Qkabe method of analysis. As a first approximation, it is 
recommended that the maximum lateral earth pressure be computed by using a 
seismic coefficient kh=l.SA in conjunction with the Mononobe-Qkabe analysis 
method • 
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6.3.2(B) Monolithic Abutments 

For monoli thic abutments where the abutment forms an integral 
part of the bridge superstructure t maximum earth pressures acting on the 
abutment may be assumed equal to the maxUnum longitudinal earthquake force 
transferred from the superstructure to t he abutment. To minimize abutment 
damaget the abutment should be designed to resist the passive pressure 
capable of being mobilized by the abutment backfill, which should be greater 
than the maxUnum estimated longitudinal earthquake force trans ferred to the 
abutment. It may be assumed that the lateral active earth pressure during 
seismic loading is les s than the superstructure earthquake load. 

When longitudinal seismic forces are also resis ted by piers or 
columns, it is necessary to estimate abutment stiffness in the longitudinal 
direction in order to compute the proportion of earthquake load transferred 
to the abutment (see Commentary Sec. C5 .4 .2). 

6.4 SEISMIC PERFORMANCE CATEGORY C 

Bridges classified as SPC C shall conform to all of the requirements 
of Sec. 6.3 plus the additional requirements of this section. 

6.4.1 FOUNDATIONS 

Foundation design requirements for bridges classified as SPC C 
shall meet the requirements of Sec. 6.3.1 plus the additional requirements of 
this section. 

6.4.1(A) Investigation 

The Engineer may require the submission of a written report 
which shall include, in addition to the requirements of Sec. 6.3.1(A), a 
determination of the potential for surface rupture due to faulting or 
differential ground displacement (lurching), all as a result of earthquake 
motions. 

6.4.1(B) Foundation Design 

The design forces for the foundations shall be those specified 
in Sec. 4.8.6. 

For saturated sand and soft clay foundation soils, due 
consideration shall be given to the potential for soil strength loss under 
the imposed cyclic loading in assessing the ultimate capacit y of foundations. 
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6.4 . l(C) 

apply: 

6.4.2 

Special Pile Requirements 

The following special requirements for concrete piles shall 

1. Anchorage. The longitudinal reinforcement of all concrete 
piles shall be anchored to the pile footing or cap to 
develop a force of at least 1.25Asfy where As is the 
area of longitudinal reinforcement ~n the concrete pile 
and fy is its nominal yield strenath. 

2. Confinement Length. The upper end of every pile shall be 
reinforced as a potential plastic hinge region, except 
where it can be established that there is no possibility 
of any significant lateral deflections in the pile 
resulting from deforma~ion. The potential plastic hinge 
region shall, as a minimum, be considered to extend from 
the underside of the pile cap over a length of not less 
than two pile diameters or 24 in. (610 mm). If an 
analysis of the bridge and pile system indicates that a 
plastic hinge can form at a lower level, the transverse 
reinforcement requirements of (3) shall extend to that 
level. Note the special requirements for pile bents given 
in Sec. 8.4.l(C), (D) and (E) • 

3. Volumetric Ratio for Confinement. The volumetric ratio of 
transverse reinforcement to the distance specified in (2) 
shall be as required for columns in Sec. 8.4.1(0). 

4. 

s. 

Cast-in-Place Concrete Piles. Longitudinal steel shall be 
provided for cast-in-place concrete piles for- the full 
length of the pile. The upper two-thirds of the pile 
shall have a minimum longitudinal steel ratio of 0.0075 
provided by at .least 4 bars. Spiral reinforcement or 
equivalent ties of 1/4 inw (6.3 mm) diameter or larger 
shall be provided at 9 in. (229 mm) maximum pitch, except 
for the top 4 ft .(l-.;2 .m) where the pitch. shall be 3 in. 
(76 mm) maximum, and where the volumetric ratio sh.all 
conform to 8.4.1(0). 

Precast Concrete Piles. Spiral reinforcement ties in 
precast, including prestressed, concrete piles shall be 
No. 3 bars or larger and shall be provided at 9 in. 
(229 mm) maximum pitch except for the top 4ft (1.2 m) 
where the pitch shall be 3 in. (76 mm) and the volumetric 
ratio shall conform to 8.4.1(0). 

ABUTMENTS 

In addition to the prov~stons outlined in Sec. 6.3.2, consideration 
should be gi~en to the mechanism of transfer of superstructure transverse 
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inertial forces to the bridge abutments. 
pressure should be provided by wing wal ls 
lateral abuonent displacements. 

6.5 SEISMIC PERFORMANCE CATEGORY D 

Adequate resistance to lateral 
or abutment keys to m~nun~ze 

Bridges classified as SPC D shall conform to all requirements of 
Sec. 6.3 and 6.4 and the additional requirements of this section. 

6.5.1 FOUNDATIONS 

Foundation design requirements for bridges classified as SPC D 
shall meet the requirements of Sec. 6.3.1 and 6.4 . 1 plus the additional 
requirements of this section. 

6.5.l(A) Investigation 

The Engineer may require the submission of a written report 
Which shall include, in addition to the requirements of Sec. 6.3.1 and 6.4.1 , 
a site-specific study to investigate the influence of cyclic loading on the 
deformation and strength characteristics of foundati on soils. Potential 
progressive degradation in the stiffness and strength characteristics of 
saturated sands and soft clays should be given parti cular attention. More 
detailed analyses of slope and/or abutment settlement during earthquake 
loading should be undertaken. 

6.5.1(B) Foundation Design 

The design forces for foundations shall be those specified in 
Sec. 4.8.6. 

6.5.2 ABUTMENTS 

In addition to the requirements outlined in Sec. 6.3.2 and 6.4.2, 
consideration should be given to the mechanism of transfer of superstructure 
longitudinal and transverse inertia forces to the abutments, and also to 
abutment-soil interaction. To minimize potential loss of bridge access 
arising from abutment damage, monolithic or end diaphragm construction is 
strongly recommended for short span bri dges. 

Settlement or approach slabs providing structural support between 
approach fills and abutments shall be provided for all bridges classified as 
SPC D. Slabs shall be adequately linked to abutments using flexible ties. 
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CHAPTER7 

STRUCTURAL STEEL 

7.1 GENERAL 

Design and construction of structural steel columns and connections 
shall conform to the requirements of AASHTO Standard Specifications for 
Highway Bridges and to the additional requirements of this Chapter. Either 
Service Load or Load Factor design may be used. If Service Load 'design is 
used the allowable stresses are permitted to increase by SO%. It shou l d be 
noted that when Service Load design is used for SPC C and D a conservative 
design may result because elastic design forces will be required for the 
design of most components unless the forces resulting from plastic hinging of 
the columns are used per Sec. 4.8.2 • 

7.2 SEISMIC PERFORMANCE CATEGORY A 

No consideration of seismic forces is required for the design of 
structural components except for the design of the connection of the 
superstructure to the substructure as specified in Sec. 4.6 • 

7.3 SEISMIC PERFORMANCE CATEGORIES B, C AND D 

Where axial and flexural stresses are determined by considering 
secondary bending resulting from the design P-delta effects (moments induced 
by the eccentricity resulting from the seismic displacements and the column 
axial force), all axially loaded members may be proportioned in accordance 
with AASHTO Sec. 1.7.45 or 1.7.69: 

/0., 3{.- ;o. s4 
EXCEPTIONS: 

1. The effective length factor, K, in the plane of bending may be· 
I 

assumed to be unity in the calculation of Faz Fez Fcrz or 
Fe• 

2. The coefficient Cm is computed as for the cases where joint 
translation is prevented • 
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CHAPTERS 

REINFORCED CONCRETE 

8.1 GENERAL 

Design and construction of cast-in-place monolithic reinforced 
concrete columns, pier footings and connections shall conform to the 
requirements of AASHTO Standard Specifications for Highway Bridges and to the 
additional requirements of this chapter. Either Service Load or Load Factor 
design may be used. If Service Load design is used the allowable stresses 
are permitted to increase by 33-1/3%. It should be noted that when Service 
Load design is used for SPC C and D a conservative design may result because 
elastic design forces will be required for the design of most components 
unless the forces resulting from plastic hinging of the columns are used per 
Sec. 4.8.2 • 

8.2 SEISMIC PERFORMANCE CATEGORY A 

No c.onsideration of seismic forces is required for the design of 
structura 1 components except for the design of the conne·ction of the 
superstructur e t o the substructure as specified in Sec. 4.6 • 

8.3 SEISMIC PERFORMANCE CATEGORY B 

For bridges classified as SPC B the m1nLmum transverse reinforcement 
requirements at the top and bottom of a column shall be as required in Sec. 
8.4.l(D). The spacing of the transverse reinforcement shall be as required 
in Sec. 8.4.l(E) except that the maximum spacing is permitted to increase to 
6 in. (152 mn). 

8.4 SEISMIC PERFORMANCE CATEGORIES C AND D 

Bridges classified as SPC C or D shall meet the requirements for SPC B 
and the requirements of Sec. 8.4.1 through ·s.4.4. 

8.4.1 COLUMN REQUIREMENTS 

For the purpose of these prov1s1ons a vertical support is 
considered to be a column if the ratio of the clear height to the maximum 
plan dimensions of the support is equal to or greater than 2~. Note that the 
maximum plan dimension is taken at the minimum section of the flare for a 
flared column. For supports with a ratio less than 2~, the provision~ for 
piers of Sec. 8.4.2 shall apply. For columns the provisions of this section 
are applicable. Note that a pier may be designed as a pier in its strong 
direction and a column in its weak direction. 
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8.4.1(A) Vertical Reinforcement 

Tne area of longitudinal reinforcement shall not be less than 
0.01 or more than 0.06 times the gross cross-section area Ag• 

EXCEPTION: 8. 18 ,?.....} 
Article 1.5.ll(A)(2) of AASHTO applies to columns where 
a larger cross-section is used for architectural reasons. 

8.4.l(B) Flexural Strength 

The biaxial strength of columns shall not be less than that 
required for the bending moments determined in Sec. 4.8.3. The design of the 
column shall be checked for both the minimum and maximum axial loadsa 1~ 
specified in Sec. 4.8.3. The strength reduction factors of Sec. 1.5.30 of 
AASHTO shall be replaced for both spirally and tied reinforced columns by the 
value of 0.50 when the stress due to the maximum axial load for the column 
exceeds 0.20f~. The value of $ may be increased linearly from 0.50 to 
the value for flexure (0.90) when the stress due to the maximum axial load is 

I 
betweer1 0. 20fc and 0. 

1:;, I p, ~ Moment magnification for slenderness effects (AASHTO Sec. 
1.5.34) shall be considered in the design of the column. 

8.4.l(C) Column Shear and Transverse Reinforcement 
8,4(.:. 

The factored design. shear force Vu of Eq. 6-20 of AASHTO on 
each principal axis of each column and pile bent shall be the value 
determined in Sec. 4.8.3. 

8,4--:£, 
The factored shear stress Vu shall be computed by Eq. 6-20 

of AASHTO using Vu specified above and the strength reduction factor for 
shear of Sec. 1.5.30 of AASHTO. 

(3,/(o 
The amount of transverse reinforcement shall be at least that 

specified by Sec. 1.5.35 of AASHTO. In the end regions of the top and bottom 
of the column and pile bents the following provisions shall apply in addition 
to those of AASHTO: 

1. In the end regions the quantity of shear stress taken by 
the concrete, vc, shall be assumed to be zero unless the 
minimum design axial compression force produces an average 
stress in excess of O.lOf~ over the gross concrete 
area. 

2. When the average compression stress in the member exceeds 
I 

O.lOfc the value of Vc shall be computed by Sec. 
1.5.35 of AASHTO. 
B,fb ·fo 
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8.4~1(D) 

3. The end region shall be assumed to extend from the soffit 
of girder·s or cap beams at the top of columns, or the top 
of foundations at the bottom of columns, a distance not 
less than (a) the maxL&um cross-sectional dimension of the 
column, (b) one-sixth of the clear height of the column, 
(c) 18 in. (457 11111). 

4. The end region of a pile bent shall be the same as 
specified for columns at the top of the pile bent, and 
three pile diameters below the calculated point of moment 
fixity to one pile diameter but not less than 18 in. above 
the mud line at the bottom of the pile bent • 

Transverse Reinforcement for Confinement at Plastic Hinges 

The cores of columns and pile bents shall be confined by 
transverse reinforcement in the expected plastic hinge regions, generally 
located at the top and bottom of columns and pile bents, as specified in this 
subsection. The largest of these requirements or those of Sec. 8.4.l(C) 
shall govern; these requirements are not in addition to those of Sec. 
8.4.l(C). The transverse reinforcement for confinement shall have a yield 
strength not more than that of the longitudinal reinforcement and the spacing 
shall be as specified in Sec. 8.4.l(E) • 

The volumetric ratio of spiral reinforcement (p 8 ) for a 
circular column shall be either that required in AASHTO Sec. 1.5.11 or 

B. /8 

or 

p 0 • o.45 [ ~ - I ] 

f' 
c 

P
8 

• 0.12 -f-
yh 

whichever is greater. 

f' 
c 

fyh 

The total gross sectional area (Ash) of rectangular hoop 
(stirrup) reinforcement for a rectangular column shall be either 

f' 

[~-I] A
8
h .. 0.30 ah c 

c fyh 

or 
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= 0.12 ah c 

f' 
c 

f~ 
(8-4) 

whichever is greater, where: 

a a vertical spacing of hoops (stirrups) in inches (millimeters) 
with a maximum of 4 in. (102 mm) 

Ac = area of column core 

Ag a gross area of column 

Ash = total cross sectional area in square inches (square 
millimeters) of hoop (stirrup) reinforcement including 
supplementary cross ties having a vertical spacing of a in. 
(mm) and crossing a section having a core dimension of he 
in. (mm). Note that this should be calculated for both 
principal axes of a rectangular column. 

f' • specified compressive c strength of concrete in psi {MPa) 

fyh a yield strength of hoop or spiral reinforcement in psi {MPa) 

he -core dimension of tied column in inches (millimeters) in the 
direction under consideration 

Ps • ratio of volume of spiral reinforcement to total volume of 
concrete core (out-to-out of spirals). 

Transverse hoop reinforcement may be provided by single or 
overlapping hoops. Cross-ties having the same bar size as the hoop may be 
used. Each end of the cross-tie shall engage a peripheral longitudinal 
reinforcing bar. All ties shall have 135 degree hooks wi.th extensions not 
less than the larger of ten tie diameters or 6 in. (152 mm). 

8.4.1(E) Spacing of Transverse Reinforcement for Confinement 

1. Transverse reinforcement for confinement shall be provided 
at the top and bottom of the column over a length equal to 
the maximum cross-sectional column dimension or one-sixth 
of the clear height of the column but not less than 18 in. 
Transverse reinforcement shall be extended into the top 
and bottom connections as specified in Sec. 8.4.3. 

2. Transverse reinforcement for confinement shall be provided 
at the top of piles in pile bents over the same length as 
specified for columns. At the bottom of piles in pile 
bents, transverse reinforcement for confinement shall be 
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8 .4.l(F) 

provided over a length extending from three pile diameters 
below the calculated point of moment fixity to one pile 
diameter but not less than 18 in. above the mud line. 

3. The maximum spacing for reinforcement shall not exceed the 
smaller of one-quarter of the minimum member dimension or 
4 in. 002 Dill) . 

4. Lapping of spiral reinforcement in the tr<:nsverse 
confinement regions specified in 1 and 2 shall not be 
permitted . Connections of spiral reinforcement in this 
region must be full strength lap welds • 

Splices 

Splices shall be in accordance with those specified in AASHTO 
Sec. 1.5 . 22 and the additional requirements of this section. Lap splices 
shall be permitted only within the center half of column height, and the 
splice length shall not be less than 16 in. (406 Dill) or 60 bar di ameters 
whichever is greater . 

The maximum spacing of the transverse reinforcement over the 
leng.th of the splice shall not exceed the smaller of ·4 in. 002 Dill) or one
quarter of the minimum member dimension • 

Welded splices conforming to Sec. 12.15.3.3 of ACI 318-77 and 
approved mechanical splices conforming to Sec. 12.15.3.4 of ACI 318-77 may be 
used for splicing provided not more than alternate bars in each layer of 
longitudinal reinforcement are spliced at a section and the distance between 
splices of adjacent bars is greater than 24 in. (610 Dill) as measured along 
the longitudinal axis of the column • 

8.4.2 PIER REQUIREMENTS 

The provisions of this section are applicable to the design for 
the strong direction of a pier. The weak direction of a pier may be designed 
as a column and then the provisions of Sec. 8.4.1 are applicable with the 
Response Modification Factor for columns used to determine the design forces 
in Sec. 4.8.1. If the pier is not designed as a column in its weak direction 
then the limitations for shear stre.ss in this section are applicable. 

The minimum reinforcement ratio both horizontally, Ph, and 
vertically, Pn, in any pier shall not be less than 0.0025. Reinforcement 
spacing either horizontally or vertically shall not exceed 18 in. (457 mm). 
The reinforcement required for shear shall be continuous and shall be 
distributed uniformly • 
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Ph = the ratio of horizontal shear reinforcement area to gross 
concrete area of a vertical se~tion 

~n = the ratio of vertical shear reinforcement area to the gross 
concrete area of a ho~izontal section. 

The allowable shear stress, vu, in the pier shall be determined 
in accordance with the following equation: 

v = 2 -v-;' + phf u c y 
(8-5) 

The allowable shear stress shall not exceed 8/£;. 

For lightweight aggregate concrete, the limiting shear stress, 
vu, calculated from Eq. 8-5, shall be multiplied by 0. 75. ~·~::> c•1rtains of 
reinforcement shall be used and the reinforcement ratios Pn and Ph shall 
be equal. The reinforcement required by shear shal l be distributed 
uniformly. Splices in horizontal pier reinforcement ahall be staggered and 
splices in the two curtains shall not occur at the same location. 

8.4.3 COLUMN CONNECTIONS 

A column connection as referred to in this section is the vertical 
extension of the column area into the adjoining member . 

The design force for the connection between the column and the cap 
beam superstructure, pile cap or spread footing shall be that specified in 
Sec. 4.8.5(C). The development length for all longitudinal steel shall be 
that required for a steel stress of 1.25fy as given in Sec. 1.5.13 through 
1.5.22 of AASHTO. B. 2.-4-

B·3> 
Column transverse reinforcement required by Sec. 8.4.1(0 ) shall be 

continued for a distance equal to one-half the maximum column dimension but 
not less than 15 in. (381 mm) from the face of the column connection into the 
adjoining member. 

The shear stress in the joint of a frame or bent, in the direction 
under consideration, shall not exceed 12~ for normal-weight aggregate 
concrete or 9~ for lightweight aggregate concrete. 

8.4.4 CONSTRUCTION JOINTS IN PIERS AND COLUMNS 

Construction joints in piers and columns resisting seismic forces 
shall be designed and constructed to resist the design forces at the joint. 

Where shear is resisted at a construction joint solely by dowel 
action and friction on a roughened concrete surface , the total shear force 
across the joint shall not exceed Vj determined f r om t he following formula: 
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V. =~(A ff + 0.75 P) 
J v y n 

(8-6) 

where Avf is the total area of reinforcement (including flexural 
reinforcement) and Pn is the minhnum axial load specified in Sec. 4.8.3 for 
columns and Sec. 4.8.4 for piers and ~ is the strength reduction factor for 
shear of Sec. 1.5.30 of AASHTO. 

The surfaces of all construction JO~nts in components resisting 
lateral forces shall be thoroughly cleaned and roughened • 
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COMMENTARY 

CHAPTER 1 - INTRODUCTION 

DESIGN PHILOSOPHY 

Conceptually there are two seismic design approaches currently in ·use 
and both employ a "force design" concept. These are the current New Zealand 
and CalTrans criteria and are discussed in detail in references 1 and 2, 
respectively. 

In the New Zealand Code, which accepts the philosophy that it is 
uneconomical to design a bridge to resist a large earthquake elastically, 
bridges are designed to resist ~all-to-moderate earthquakes in the elastic 
range. For large earthquakes . the design philosophy is that bridges be 
ductile where possible. Flexural plastic hinging in the columns is 
acceptable but significant damage to the foundations and other joints is 
not. Consequently, as a second step in the design process, forces resulting 
from plastic hinging in all columns are determined and the capacities of 
connections to columns are checked to determine if they are able to resist 
these forces. Hence, critical elements in the bridge are designed to resist 
the maximum forces to which they will be subjected in a large earthquake. 

In the CalTrans approach the member forces are determined from an 
elastic design response spectrum for a maximum cr.edible earthquake. The 
design forces for each component of the bridge are then obtained by dividing 
the elastic forces by a reduction factor (Z). The Z-Factor is 1.0 and 0.8, 
respectively, for hinge restrainers and shear keys. These components are 
therefore designed for expected and greater-than-expected (in the case of 
shear keys) elastic forces resulting from a maximum credible earthquake. 
Well-confined ductile columns are designed for lower-than-expected forces 
fram an elastic analysis as Z varies from 4 to 8. This assumes that the 
columns can deform plastically when the seismic forces exceed these lower 
design forces. The end result is similar to the New Zealand approach 
although the procedures are quite different. 

In assessing bridge failures of past earthquakes in Alaska, California 
and Japan, many loss-of-span type failures are attributed in part to relative. 
displacement effects. Relative displacements arise from out-of-phase motion 
of different parts of a bridge, from lateral displacement and/or rotation of 
the foundations and differential displacements of abutments. Therefore in 
developing the Guidelines the design displacements and forces were considered 
equally important. Thus minimum support lengths at abutments, columns and 
hinge seats are specified, and for bridges in areas of high seismic risk ties 
between noncontinuous segments of a bridge are specified. Special attention 
to the problem of relative displacements is required for bridges with high 
columns or piers. 

The methodology used in ~h~ Guidelines is, in part, a combination of 
the CalTrans (2) and New Zealand{! J "force design" approaches but also 

51 Preceding page blank 



addresses the relative displacement problem. The complexity of the 
met hodology increases as the seismic intensity of an area increases. Four 
additiona l concepts are included in the Guidelines that are not included in 
either the CalTrans or New Zealand approach. First, minimum requirements are 
specified for support lengths of girders at abutments, columns and hinge 
seats to account for some of the important relative displacement effects that 
cannot be calculated by current state-of-the-art methods. A somewhat similar 
requirement is included in the latest Japanese(3) bridge criteria. Second, 
member design forces are calculated to account for the directional 
uncertainty of earthquake motions and the simultaneou.s occurrence of 
earthquake forces in two perpendicular horizontal directions. Third, design 
requirements and forces for foundations are intended to minimize foundation 
damage which i s not readily detectable. Fourth, a basic premise in 
developing the Guidelines was that they be applicable to all parts of the 
United States . In order to provide flexibility in specifying design 
provisions associated with areas of different seismic risk, four Seismic 
Performance Categories (SPC) were defined. The four categories permit 
variation in the design requirements and analysis methods in accordance with 
t he seismic risk associated with a particular bridge location. Bridges 
classified as SPC D are designed for the highest level of seismic performance 
and bridges classified as SPC A for the lowest level of seiBmic performance. 

For bridges classified as SPC A, prevention of superstructure collapse 
is all that was deemed necessary for their level of seismic exposure. The 
requirements for these bridges are minimal and specify the support lengths 
for girders at abutments, columns and expansion joints, and that the design 
of the connections of the superstructure to the substructure be for .0.20 
times the dead load reaction forces. 

For bridges classified as SPC B the approach used is similar to that 
of CalTrans where elastic member forces are determined from a single-mode 
spectral method of analysis. Design forces for each component are obtained 
by dividing the elastic forces by a response modification factor (R). For 
connections at abutments, columns and expansion joints the R-Factor is either 
1.0 or 0.8; therefore these components are designed for expected or 
greater-than-expected elastic forces. For columns and piers the R-Factor 
varies between 2 and 5 resulting in design forces lower than predicted by the 
elastic analysis. Therefore the columns are expected to yield when subjected 
to the forces of the design earthquake. This yielding in turn implies 
relative distortions of the structural system that must be considered in 
assessing the adequacy of the final bridge design. Design requirements to 
ensure reasonable ductility capacity of columns for bridges classified as SPC 
B are specified but they are not as stringent as those for bridges classified 
as SPC C and D. Foundations are designed for twice the seismic design forces 
of a column or pier. 

For bridges classified as SPC C and D the general approach is similar 
to that for SPC B however several additional requirements are included. For 
columns, additional requirements are included to ensure that they are capable 
of developing reasonable ductility capacities. For connections and 
foundations, the recommended design forces are based on the maximum shears 
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and moments that can be developed by column yielding. Horizontal linkage and 
tie-down requirements at connections are also provided. For SPC D, approach 
slabs are required to ensure useability of the bridge after an earthquake. 

SEISMIC GROUND MOTION ACCELERATIONS 

Selection of the seismic ground motion to be used with the design 
provisions was carefully considered. Fortunately a comprehensive study 
entitled "Tentative Provisions for the Development of Seismic Re_gulations for 
Buildings" (ATC-3-06) had recently been completed in which seismic risk maps 
and an associated design spectrum were developed.(4) The ATC-3-06 maps are 
based on (1) a realistic appraisal of expected levels of ground motion 
shaking, (2) approximately the same probability that the design ground 
shaking will be exceeded for all parts of the United States, and (3) the 
frequency of occurrence of earthquakes .in various regions of the country. A 
detailed discussion of the development of the seismic risk maps and the 
associated design spectrum is given in Sec. C3.2 • 

Although the probability is quite small, it is possible that in highly 
seismic areas near active faults the ground motions could exceed the design 
earthquake ground shaking. For locations inside the 0.40 contour of Fig. 3, 
it is recommended that a qualified professional be cons ulted to dete~ne an 
appropriate value for the Acceleration Coefficient, A • 

SOIL EFFECTS ON GROUND MOTION 

It is generally recognized that the effects of local soil conditions 
on ground motion characteristics should be considered in structural design. 
Three fundamentally different approaches have been used: 

• 

• 

• 

The first approach was based on the concept of potential resonance 
of a structure with the underlying soil. In the SEAOC building 
seismic requirements(5) the seismic site-structure resonance 
coefficient varies from 1.0 to 1.5 depending on the ratio of the 
fundamental building period to the characteristic site period • . 

In a second . approach, the computer program SHAKE(6) was used by 
CalTrans to develop soil amplification factors for its design 
criteria. The program analyzes a one-dimensional soil column for 
shear wave motions propagating from the rock level to the top of 
the soil column. The CalTrans approach is limited because only 
vertically propagating one-dimensional soil effects are considered 
and several parameters which could have significant effects are 
not considered. These parameters include surface waves, oblique 
transmission of waves through the soil and the effects of 
reflection and refraction at the interfaces of different material 
layers. 

For the third approach representative ground motion spectral 
shapes were modified in ATC-3-06(4) to determine corres.ponding 
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values of effective peak ground acceleration and smoothed spectral 
shapes for three typical site conditions. These modif ications 
were based on a study of ground motions recorded at locations with 
di f f erent site condit i ons and the exercise of exper ienced judgment 
i n ex t rapolati ng beyond the data base. Coefficients were 
developed for each of three typical soil conditions. 

The ATC-3-06 approach for considering soil effects on ground motion is 
used in these Guidelines and is discussed in more detail in Sec. C3.2. 
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COMMENTARY 

CHAPTER 3 - GENERAL REQUIREMENTS 

C3.1 APPLICABILITY OF GUIDELINES 

The Guidelines present seismic design and construction requirements 
applicable to the majority of highway bridges to be constructed in the United 
States . Bridges not covered by these prov1s1ons probably constitute 5 to 15% 
of the total number of bridges designed • 

The Project Engineering Panel (PEP) decided that special seismic 
design provisions would not be required for buried type s t ructures. It was 
recognized by the PEP, however, that this decis i on may need reconsideration 
as more research data on the seismic performance of this type of structure 
becomes available. 

The Guidelines specify minimum requirements. More sophisticated 
design and/or analysis techniques may be utilized if deemed appr opriate by 
the design engineer. 

A cautionary note was added to this section to alert the bridge 
designer that the Acceleration Coefficient within the 0.40 contour of Figs. 3 
and 4 may be higher than 0.40. This possibility occurs because these contour 
maps were developed on a macro rather than micro scale and the influence of 
many smaller faults within the 0.40 contour was not considered. 

For bridge types not covered by these Guidelines the following factors 
should be considered • 

1. The recommended elastic design force levels of the Guidelines 
should be applicable because force levels are largely independent 
of the type of bridge structure, although a project may warrant a 
site-specific study to determine appropriate design force levels. 
If the site is near an active fault zone it is also recommended 
that quali f ied professionals familiar with local conditions be 
consulted, especially for locations within t he 0.40 contour of 
Figs. 3 and 4. 

It should be noted that the elastic design force levels of the 
Guidelines are part of a design philosophy described in the 
introduction to this Commentary. The appropriateness of both the 
design force levels and the design philosophy must be assessed 
before they are used for bridges that are not covered by these 
Guidelines • 

2. The Multimode Spectral Procedure described in Sec . 5.4 should be 
considered , especially if the Acceleration Coefficient for the 
bridge site is greater than 0.20. The designer should consider 
the pros and cons of using elastic and/or inelastic methods of 
time history analysis for larger and more complex types of 
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bridges. If these methods are used, appropriate time histories 
must be determined as part of the site specific study. It is 
r ecommended that at least three ground motion time histories be 
u sed in this type of analysis. 

3. Design displacements are as important as design forces and, where 
possible , the design methodology should consider displacements 
arising from the effects discussed in Sec. C4.9. 

4. If a design methodology similar to that used in these Guide l ines 
is deemed desirable, the design requirements of Chapters 6, 7 and 
8 should be used to ensure compliance with the design philosophy. 

C3.2, C3.5 
and C5.2 

ACCELERATION COEFFICIENT, SITE EFFECTS AND ELASTIC SEISMIC 
RESPONSE COEFFICIENT AND SPECTRUM 

The ground motion coefficient to be used with the Guidelines was 
ori ginally developed as part of a similar but even more extensive study 
buildings entit l ed "Tentative Provisions for the Development of Seismic 
Regulatior.s for Buildings" (ATC-3-06).0) Since the ground motion 
coefficient and associated elastic response spectrum are independent of 
structural system, the ATC-3-06 values are used in these Guidelines. 

for 

the 

Two coefficients and two corresponding maps were developed in the 
ATC-3-06 provisions. The two coefficients are the Effective Peak 
Acceleration Coefficient, Aa, and the Effective Peak Velocity-Related 
Acceleration Coefficient Av• County-by-county and contour maps of the 
United States for each of the two coefficients are included in the ATC-3-06 
report. 

A major poli cy decision in the development of the bridge Guidelines 
was to use only the Effective Peak Velocity-Related Acceleration Coefficient 
Av and t o identi fy it as the Acceleration Coefficient A. Further it was 
decided that the contour maps for Av would be used rather than the county
by- county maps of ATC-3-06. The decision to use only one coefficient was 
made to simplify the bridge guidelines. The decision to use a contour rather 
than county-by-county map was made because it was felt that the local 
jurisdictional problems with buildings were not of major importance for 
bridges. 

The following is pertinent text extracted from the Commentary on 
ATC-3- 06 provisions. For a more complete discussion see the ATC-3-06 
Commentary. ( 1) 

A. INTRODUCTION 

It must be emphasized at the outset that the specificat i on 
of earthquake ground shaking cannot be achieved solely by 
followi ng a set of scientific principles. First, the causes of 
earthquakes are still not well understood and experts do not 
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fully agree as to how available knowledge should be interpreted 
to specify ground motions for use in design. Second, to achieve 
workable bridge design provisions it is necessary to simplify 
the enormously complex matter of earthquake occurrence and 
ground motions. Finally, any specification of a design ground 
shaking involves balancing the risk of that motion occurring 
against the cost to society of requiring that structures be 
designed to withstand that motion. Hence judgment, engineering 
experience, and political wisdom are as necessary as scientific 
knowledge. In addition, it must be remembered that design · 
ground shaking alone does not determine how a bridge will 
perform during a future earthquake; there must be a balance of 
the specified shaking with the rules used to assess structural 
resistance to that shaking. 

The recommended regionalization maps and seismic design 
coefficients and spectra are the work of several committees and 
are based upon the best scientific knowledge available in 1976, 
adjusted and· tempered by experience. The following sections 
explain the bases for the various recommendations, as a guide 
both to the user of the provisions and to those who will improve 
the provisions in the future. It is expected that the maps and 

·co~Hfidents will ·change with time, as the profession gains more 
knowledge about earthquakes and their resulting ground motions 
and as society gains greater insight into the process of 
establishing acceptable risk. 

B. POLICY DECISIONS 

The recommended ground shaking regionalization maps are 
based upon two major policy decisions. The first is a departure 
from past practice in the United States whereas the second is a 
currently accepted practice. 

The first policy decision was that the probability of 
exceeding the design ground shaking should, as a goal, be 
assumed to be equal in all parts of the country. The 
desirability of this goal is accepted within the profession; 
however, there is some disagreement as to the accuracy of 
estUnates of probability of ground motion as determined from 
current knowledge and procedures. Use of a contour map based on 
uniform probability of occurrence is a departure from the use of 
the present zone maps which are based on estimates of maximum 
ground shaking experienced during the recorded historical period 
without any consideration of how frequently such motions might 
occur. It is also recognized that the real concern is with the 
probability of structural failures and resultant casualties and 
that the geographical distribution of that probability is not 
necessarily the same as the distribution of the probability of 
exceeding some ground motion. Thus the goal as stated is the 
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most workable one for the present but not necessarily the ideal 
one for the future. 

The second policy decision was that the regionalization 
maps should not attempt to microzone. In particular, there was 
to be no attempt to locate actual faults on the regionalization 
maps, and variations of ground shaking over short distances
about 10 miles or less-were not to be considered. Any such 
microzoning must be done by qualified professionals who are 
familiar with localized conditions. Many local jurisdictions 
may find it expedient to undertake microzoning. 

C. DESIGN EARTHQUAKE GROUND MOTION 

The previous sections have discussed design ground 
shaking in general without being specific as to the meaning of 
the phrase. To state the concept rather than a precise 
definition, the design ground shaking for a location is the 
ground motion that the engineer should consider when designing 
a structure to provide a specified degree of protection for life 
safety and to prevent collapse. 

At present, the b.est workable tool for describing design 
ground shaking is a smoothed elastic response spectrum for 
single degree-of-freedom systems.(2) Such a spectrum provides 
a quantitative description of both the intensity and frequency 
content of a ground motion. Smoothed elastic response spectra 
for 5% damping were used as a basic tool for the development of 
the regionalization maps and for the inclusion of the effects of 
local ground conditions. In effect, the first policy decision 
was reinterpreted to mean the probability of exceeding the 
ordinates of the design elastic response spectrum for all 
structural periods for a given location would be roughly equal. 
Again, this concept should be looked upon as a gradual goal, and 
not one that can be strictly met on the basis of present 
knowledge. 

This should not be interpreted to mean that a structure 
can necessarily be designed for the forces implied by an elastic 
response spectrum. The design philosophy associated with the 
elastic response spectrum is at least as important as the level 
of the response spectrum. 

A smoothed elastic response spectrum is not necessarily 
the ideal means for describing the design ground shaking. A 
time h i story analysis would be better, but a single time history 
motion generally is not adequate. It would be better to use a 
set of three or more acceleration time histories with an average 
elastic response spectrum similar to the design spectrum. This 
approach may be desirable for structures of special importance 
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but is not feasible for the vast majority of structures. This 
discussion is intended to emphasize that the design ground 
shaking is not a single motion, but rather a concept that 
encompasses a family of motions having the same overall 
intensity and frequency content but differing in some 
potentially important details of the time sequences of the 
motions. 

A significant deficiency of the response spectrum is that 
it does not by itself include the duration of the shaking. The 
extent that duration affects elastic response is accounted for 
by the spectrum. However, the major effect of duration is upon 
possible loss of strength once a structure yields. Duration 
effects have not been explicitly considered in drawing up the 
recommended provisions, although in a general way it was 
envisioned that the design ground shaking might have a duration 
of 20 to 30 sec. The possibility that the design motion might 
be longer in highly seismic areas and shorter in less seismic 
areas was one of the considerations which influenced the design 
provisions for the various Seismic Performance Categories. 

D. GROUND MOTION PARAMETERS 

In developing the design prov1s1ons for buildings, two 
parameters were used to characterize the level of design ground 
shaking. These parameters are called the Effective Peak 
Acceleration (EPA) and the Effective Peak- Velocity-Related 
Acceleration (EPV). These parameters do not at present have 
precise definitions in physical terms but their significance may 
be understood from the following paragraphs • 

The meaning of EPA and EPV is better understood if they 
are considered as normalizing factors for construction of 
smoothed elastic response spectra(2) for ground motions of 
normal duration (see Fig. 8). The EPA is proportional to 
spectral acceleration ordinates for periods in the range of 0.1 
to 0.5 sec., while the EPV is proportional to spectral velocity 
ordinates at a period of about 1 sec.~3) The constant of 
proportionality (for a 5% damping spectrum) is set at a standard 
value of 2.5 in both cases. 

For purposes of computing the lateral force coefficient in 
Sec. 3.3 of the ATC-3-06 provisions, EPA and EPV are replaced by 
dhnensionless acceleration coefficients Aa and Av, respectively. 
The coefficient Aa is numerically equal to EPA when EPA is 
expressed as a decimal fraction of the acceleration of gravity; 
e.g., if EPA= 0.20 g then Aa = 0.20. The coefficient Av is 
proportional to EPV as explained in Sec. 1.4.l(F) of the ATC-3-06 
Commentary • 
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E. RISK ASSOCIATED WITH THE CONTOUR MAP 

The probability that the recommended EPA and EPV at a 
given location will not be exceeded during a 50-year period is 
est~ated to be about 90%. At present, this probability cannot 
be es t imated precisely. Moreover, since the maps were adjusted 
and ~oothed by the committee after consultation with 
seismologists, the risk may not be the same at all locations. 
It is believed that this probability of the design ground motion 
not being exceeded is in the range of 80% te 90%. The use of a 
50-year interval to characterize the propability is a rather 
arbitrary convenience, and does not ~ply that all struct.ures 
are thought to have a useful life of 50 years. 

The probability that an ordinate of the design elastic 
response spectrum will not be exceeded, at any period, is 
approx~ately the same as the probability that the EPA and the 
EPV will not be exceeded. The veracity of this statement lies 
in the fact that the uncertainty in the EPA and EPV that will 
occur in a future earthquake is much greater than the uncertainty 
in spectral .ordinates, given the EPA and EPV. Thus the 
probability that the o~dinates of the design elastic response 
spectrum will not be exceeded during a 50-year interval is also 
roughly 90%, or in the general range of 80 to 95%. 

F. SITE EFFECTS AND ELASTIC SEISMIC RESPONSE COEFFICIENT AND 
SPECTRUM (Sec. 3.5 and 5.2) 

At the present time there is a high degree of agreement 
that t he characteristics of ground shaking and the corresponding 
spectr a are influenced by: 

1. The characteristics of the soil deposits underlying 
the proposed area. 

2. The magnitude of the earthquake producing the ground 
motions. 

3. The source mechanism of the earthquake producing the 
ground motions. 

4. The distance of the earthquake from the proposed site 
and the geology of the travel patb. 

While it is conceptually desirable to include specific 
considerati on of all four of the factors listed above it is not 
possible to do so at the present time because of lack of adequate 
data . Sufficient information is avail'able to characterize in a 
general way the effects of specific soil conditions on effective 
peak acceleration and spectral shapes. The effects of the other 
factor s are so little understood at this time that they are 
often not considered in spectral studies. 
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The present recommendations therefore only consider 
effects of site conditions and distance from the seismic source 
zone. At such tiMes that potential effects of other significant 
parameters can be delineated and quantified, the current 
recommendations can be modified to reflect these effects. 

Thus, the starting points in the development of the 
ground motion spectra are the seismic design regionalization 
maps that express, by contours, the EPA and the EPV that would 
be developed on firm ground • 

SITE EFFECTS 

The fact that the effects of local soil conditions on 
ground motion characteristics should be considered in structural 
design has long been recognized in many countries of the world. 
Most countries considering these effects have developed different 
design criteria for several different soil conditions. Typically 
theBe criteria use up to four different soil conditions. In the 
early part of the ATC-3-06 study consideration was given to four 
different conditions of local site geology. 

On the basis of available data, the following four 
conditions were selected: 

1. Rock - of any characteristic, whether it be shalelike 
· or crystalline in nature. In general, such material 
is characterized by a shear wave velocity greater 
than about 2,500 ft/sec (762 m/sec). 

2. Stiff soil conditions or firm ground - including any 
site where soil depth is less than 200 ft (61 m) and 
the soil types overlying rock are stable deposits of 
sands, gravels, or stiff clays. 

3. Deep cohesionless or stiff clay soil conditions -
including sites where the soil depth excee.ds about 
2,500 ft (762 m) and the soil types overlying rock 
are stable deposits of sands, gravels, or stiff clays. 

4. Soft to medium-stiff clays and sands - characterized 
by several tens of feet of soft to medium-stiff clay 
with or without intervening layers of sand or other 
cohesionless soils • 

Effective Peak Accelerations for Different Site Conditions 

The values of EPA for rock conditions were first modified 
to determine corresponding values of EPA for the three other 
site conditions outlined above. This modification was based on 
a statistical study of peak accelerations developed at locations 
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with different site conditions and the exercise of judgment to 
extrapolate beyond the data base. 

After evaluating these effects and rounding out the 
results obtained, the values of EPA were modified as follows. 
For the first three soil types (rock, shallow stiff soils and 
deep cohesionless or stiff clay soils) there is no reduction. 
For the fourth soil type (soft to medium-stiff clays) a reduction 
factor of 0.8 is used for all seismicity index areas. It should 
be pointed out that statistical data show that the reduction 
effec t is not constant for all ground motion levels and that the 
value of the reduction factor is generally smaller than is 
recommended here. 

Spectral Shapes 

Spectral shapes representative of the different soil 
conditions discussed above were selected on the basis of a 
statistical study of spectral shapes developed on such soils 
close to the seismic source zone in past earthquakes. The 
mean spectral shapes determined directly from the study by 
Seed et al.(4) based on 104 records, pr~arily from earthquakes 
in the Western United States, are shown in Fig. 9. These 
spectral shapes were also compared with spectral shapes from 
studies conducted by Blume,{S) Newmark,{6) and .Mohraz.(7) It 
was considered appropriate to simplify the curves to a family 
of three by combining the spectra for rock and stiff soil 
conditions; the normalized spectral curves are shown in Fig. 10. 
The curves in this figure thus apply to the following three soil 
conditions. 

Soil Profile Type I: Rock of any characteristic, either 
shale-like or crystalline in nature (such material may 
be characterized by a shear wave velocity greater than 
2,500 ft/sec (762 m/sec)); or stiff soil conditions where 
the soil depth is less than 200 ft (61 m) and the soil 
types overlying rock are stable deposits of sands, 
gravels, or stiff clays. 

Soil Profile Type II: Deep cohesionless or stiff clay 
soil conditions, including sites where the soil depth 
exceeds 200 ft (61 m) and the soil types overlying rock 
are stable deposits of sands, gravels, or stiff clays. 

Soil Profile Type III: Soft to medium-stiff clays and 
sands, characterized by 30 ft (9.1 m) or more of soft to 
medium-stiff clay with or without intervening layers of 
sand or other cohesionless soils. 

Ground motion spectra for 5% damping for the different 
map areas are thus obtained by multiplying the normalized 
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spectral values shown in Fig. 10 by the appropriate EPA and by 
the correction factor of 0.8 if Soil Profile Type III exists. 
The resulting ground motion spectra for an EPA of 0.4 are shown 
in Fig. 11. The spectra from Fig. 11 are shown in Fig. 12 
plotted in tripartite form. It can be readily seen in Fig. 12 
that for all soil conditions the response spectra for periods 
near 1 sec. are horizontal or equivalent to a constant spectral 
velocity. It should also be noted that these spectra are 
modified as discussed in the following section before they are 
used in the design provisions. On the basis 'of studies of 
spectral shapes conducted by Blume(S) and Newmark,(6) spectra 
for 2% damping may be obtained by multiplying the ordinates of 
Fig. 10 by a factor of 1.25. 

Spectra for vertical motions may be determined with 
sufficient accuracy by multiplying the ordinates of the spectra 
for horizontal motions by a factor of 0.67 • 

Elastic Seismic Response Coefficient and Spectra 
-

The equivalent lateral force method of design requires 
that. a horizontal force be acc011111odated in the str1.1ctural 
design. The magnitude of this force is a function of several 
parameters including the Acceleration Coefficient, the type of 
site soil profile, and the fundamental period of the structure. 

For use in a design provision or code it is distinctly 
advantageous to express the lateral design force coefficient in 
as simple a manner as possible • . The recommended procedure for 
determining the lateral design force coefficient Cs is given 
in Sec. 5.2 as follows: 

C 1.2AS 
s = T2/3 (5-1) 

The value of Cs need not exceed 2~5A f6r Type I, II or III 
soils. The soil coefficient S is given in Table 2. The use of 
a simple soil factor in Eq. 5-1 directly approx~ates the effect 
of local site conditions on the design requirements. This direct 
method elimina·tes the need for the . estimation of a predominant 
site period and the computation of a soil factor based on the 
site period and the fundamental period of the bridge • 

This concludes the text abstracted from the Commentary of the ATC-3-06 
provisions. 

It is apparent from the discussion on spectral shapes in the foregoing 
paragraphs and Figs. 10 and 11 that the recommended elastic acceleration 
response spectrum decreases approx~ately as 1/T for longer periods. However, 
because of the concerns associated with inelastic response of longer period 
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bridges i t was decided that the ordinates of the design coefficients and 
spec t ra should not decrease as rapidly as 1/T but should be proportional to 
l / T2/ 3 in Eqs. 5-l and 5-2. 

A comparison of the spectra resulting from Eqs. 5-l and 5-2 and those 
of the ATC- 3-06 recommended elastic acceleration response spectra is given in 
Fi g. 13. The PEP decided that the elastic seismic response coefficient and 
spectra shoul d be approximately SO% greater at a period of 2 sec. for the 
stiff soi l cond ition than would be obtained by direct use of the recommended 
elastic acceleration response spectra. This increase should gradually 
decrease as the period of the bridge shortens. The two major reasons for 
introduc i ng this convervatism in the design of long period bridges is: 

1. The fundamental period of a bridge increases as the column height 
i ncreases, the span length increases and the number of columns per 
bent decreases. Hence the longer the period the mor e likely that 
high ductility requirements will be concentrated in a few columns . 

2. Instability of a bridge is more -of a problem as the period 
i ncreases. 

Other factors associated with modification of the elastic seismic 
response spectra are given in Sec. C5.2.2. 

C3.3 IMPORTANCE CLASSIFICATION 

The Importance Classification (IC) is used in conjunction with the 
Acceleration Coefficient (A) to determine the Seismic Performance Category 
(SPC) for bridges with an Acceleration Coefficient greater than 0.29. The 
SPC controls the degree of complexity and sophistication of the analysis and 
des i gn requirements. 

Two Importance Classifications are specified. An IC of I is assigned 
for essential bridges and II for all others. Essential bridges are those 
that must continue to function after an earthquake. The determination of 
the Importance Classification of a bridge is necessarily subjective. 
Consideration should be given to the following Social/Survival and Security/ 
Defense requirements. An additional consideration would be average annual 
daily traffic. 

The Social/Survival evaluation is largely concerned with the need for 
roadways during the period immediately following an earthquake. In order for 
c i v il defense , police, fire department or public health agencies to respond 
to a disaster situation a continuous route must be provided . Bridges on such 
routes shou l d be classified as essential. 

Survi val and mitigation of the effects of the earthquake are of 
pri mary concern following a seismic event. Transportation routes to critical 
facilities such as hospitals, police and fire stations and communication 
centers must continue to function and bridges required for this purpose 
should be c l ass ified as essential. In addition a bridge that has the 
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potential to impede traffic if it collapses onto an essential route should 
also be cl~ssified as essential. 

The health and well-being of the community is another major concern. 
Victims with critical injuries or illnesses must be treated; food, water and 
shelter provided and utilities restored. Routes to such facilities as 
schools, arenas, etc., which could provide shelter or be converted to aid 
stations must suffer little or no damage and bridges on such routes should be 
classified as essential. Access must be available to power installations, 
water treatment plants, etc. and bridges required for these purposes should 
also be classified as essential. 

The importance evaluation of a bridge for Social/Survival significance 
in a disaster situation depends on the range of options available and the 
possibility of a bridge being in parallel or series with other bridges in a 
roadway network. Discussion may be required with highway, civil defense and 
police officials. 

A basis for the Security/Defense evaluation is the 1973 Federal-Aid 
Highway Act which required that a plan for defense highways be developed by 
each state. This plan had to include, as a minimum, the interstate and 
Federal-Aid primary routes; however, some of these routes can be deleted when 
such action is considered appropriate by a state. The defense highway 
network provides connecting routes to important military installations, 
industries and resources not covered by the Federal-Aid primary routes and 
includes: 

1. Military bases and supply depots and National Guard installations. 

2. Hospitals, medical supply centers and emergency depots. 

3. Major airports • 

4. Defense industries and those that could easily or logically be 
converted to such. 

5. Refineries, fuel storage, and distribution centers. 

6. Major railroad terminals, railheads, docks, and truck terminals. 

7. Major power plants including nuclear power facilities and 
hydroelectric centers at major dams. 

8. Major communication centers. 

9. Other facilities that the state considers important from a 
national defense viewpoint or during emergencies resulting from -
natural disasters or other unforeseen ·circumstances • 

Bridges serve as important links in the Security/Defense roadway 
network and such bridges should be classified as essential • 
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C 3.4 SEISMIC PERFORMANCE CATEGORIES 

A basic premise in developing the Guidelines was that they be 
applicable to all parts of the United States. The seismic risk varies from 
very small to high across the country and design requirements applicable to 
the higher risk areas are not always appropriate for the lower risk areas. 
In order to provide flexibility in specifying design provisions associated 
with areas of different seismic risk, four Seismic Performance Categories 
(SPC) were defined. The four categories permit variation in the requirements 
for methods of analysis, minimum support lengths, column design details, 
foundation and abutment design requirements in accordance with the seismic 
risk associated with a particular bridge location. 

The Seismic Performance Category is determined from the Importance 
Classification of Sec. 3.3 and the Acceleration Coefficient of Sec. 3.2. 
Thus the importance of a bridge in a road network and the level of seismic 
exposure at a bridge site are used to determine the SPC. Different degrees 
of complexity in analysis and design requirements are specified for each 
SPC. ~ridges classified as SPC D are those designed for the highest level of 
seismic performance and bridges classified as SPC A are those designed for 
the lowest level of seismic performance. 

C3.5 SITE EFFECTS 

See Sec. C3.2(F). 

C3.6 RESPONSE MODIFICATION FACTORS 

Re.s.ponse modification factors (R) shown in Table 3 are used to modify 
the component forces obtained from the elastic ·analysis. Inherent in the R 
values is the assumption that columns will yield when subjected to forces 
induced by the design ground motions and that connections and foundations are 
designed to accommodate the design ground motion forces with little, if any, 
damage. 

The rationale used in the development of the R-Factors for columns, 
piers and pile bents was based on considerations of redundancy and ductility 
provided by the various supports. The wall type pier was judged to have 
minimal ductility capacity and redundancy in its strong direction and was 
assigned an R-Factor of 2. A multiple column bent with well-detailed 
columns, as specified in Chapter 8, was judged to have good ductility 
capacity and redundancy and was assigned the highest value of 5. The 
ductility capacity o: single columns is similar to that of columns in a 
multiple column bent; however, there is no redundancy and therefore a lower 
R-Factor of 3 was assigned to single columns to provide a level of 
performance similar to that of multiple column bents. Unfortunately little 
information was available on the performance of pile bent substructures in 
actual earthquakes and the R-Factors were based on the PEP's judgment of 
potential pile bent performance in comparison to that of the other three 
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types of substructure. It was believed that there would be a reduction in 
the ductility capacity of pile bents with batter piles and therefore lower 
R-Factors were assigned to these systems. 

The R-Factors of 1.0 and 0.8 assigned to connections mean that the 
connections are designed for the design elastic forces and for greater than 
the design elastic forces in the case of abubnents. This approach was 
adopted in part to accommodate the redistribution of forces that occurs when 
a bridge responds inelastically.(8) The other reason for adopting these 
values was to maintain the overarl integrity of the bridge structure at these 
important joints. Increased protection can be obtained for a minimum 
increase in construction cost by designing connections for these larger force 
levels. However it should be noted that for bridges classified as SPC C and 
D the recommended design forces for column connections are the forces that 
can be developed by plastic hinging of the columns. Since these are the 
maximum forces that can be developed and are generally smaller than the 
elastic values the desired integrity will be obtained at lower cost. The 
connection design forces associated with plastic hinging are not specified 
for bridges classified as SPC B because plastic hinging requires a more 
detailed analysis as per Sec. C4.8.2. 
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COMMENTARY 

CHAPTER 4 - ANALYSIS AND DESIGN REQUIREMENTS 

C4 . 1 GENERAL 

These Guidelines provide for bridge design (sizing of individual 
members, connections and supports) based on internal forces derived by 
modifying the results f rom a linear elastic analysis. The provisions of the 
Guidelines assume that the columns may yield during an earthquake but that 
damage to connections and foundations will be minimized • 

C4.2 ANALYSIS PROCEDURE 

An elastic analysis procedure is used for the seismic design of 
bridges to give the designer an indication of the force distribution to the 
structural members and to give him some indication of the relative 
deformations. It also provides the basis for the design of the components. 
The actual forces and displacements in a bridge subjected to the design 
ground motions may be quite different from those obtained from the elastic 
analysis because at these high levels of excitation the bridge may respond 
inelastically • 

Two analytical procedures are specified. Procedure 1, the single-mode 
spectral method of analysis, requires calculation of the fundamental period 
(T) of the bridge. A reasonable estimate of the elastic forces and 
displacements can then be made for regular bridges. Limits on the 
applicability of the method have not been exhaustively determined and the 
definition of a regular bridge given in Table 4 needs further study. The 
limits on the use of this procedure are imposed because higher modes of 
vibration are believed to affect the distribution of forces and resulting 
displacements significantly if the bridge does not meet the definition of a 
regular bridge. In these instances the multimode spectral method should be 
used • 

Procedure 2, the multimode spectral method of analysis, is the more 
sophisticated of the two procedures and generally requires the use of a · 
digital computer. It is very effective for analyzing the response of any 
linearly elastic structure to any prescribed dynamic excitation. Two 
multimode methods of analysis are generally used; one is spectral analysis 
and the other is time history analysis. The spectral analysis does not 
directly account for the phase relationships between the modes of vibration 
whereas the time history analysis does. A statistical approach (square root 
of the sum of the squares) is used to combine the contributions of different 
modes of vibration in the spectral analysis. This is a major limitation 
since the accuracy of this approach for bridges has not been thoroughly 

. validated. The time history method accounts for the phase relationships 
between modes but requires the determination of appropriate ground motion 
time histories. Its major limitation is due to the uncertainties in ground 
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motion studies. If a time history elastic or inelastic analysis is performed, 
a determination of appropriate time histories must be made as part of the 
site specific study and it is recommended that a minimum of three different 
time histories be used. 

The details of the two procedures are presented in the commentary of 
Chapter 5. For bridges classified as SPC C and D with three or more spans, 
the designer should seriously consider including the flexibility of the 
foundations and abutments in the analysis. 

C4.3 DETERMINATION OF ELASTIC FORCES AND DISPLACEMENTS 

Current knowledge of earthquake ground motions indicates that 
structures will be subjected to simultaneous ground motion in three orthogonal 
directions.Cl) For many bridges the effect of the vertical component of 
motion may not be important and a detailed analysis in the vertical direction 
is not required. However, for bridges classified as SPC C and D the effect 
is accounted for by the design requirements of Sec. 4.8.5(B). 

To account for the two horizontal components of motion, an analysis is 
required in two orthogonal directions, generally the longitudinal and 
transverse directions of the bridge. Forces and moments resulting from these 
analyses are then combined as specified in Sec. 4.4 to account for the 
simultaneous occurrence of forces in two horizontal directions. 

The forces and displacements obtained from an elastic analysis should 
be similar to those to which the bridge would be subjected if it responded 
elastically and the actual ground motion had similar characteristics to the 
design ground motion. Thus the displacements resulting from this analysis 
are used as a lower bound for the design displacements. 

C4.4 COMBINATION OF ORTHOGONAL SEISMIC FORCES 

The method of combining forces for each of the load cases is given by 
means of an example. The two principal transverse axes of a column, 
abutment, pier, etc. may be designated as the z and y axes. The shear (V), 
moment (M), and axial (p) forces resulting from an analysis of the bridge 

subjected to loads in the 
T T T 

transverse direction are designated as V , V , M , z y z 
respectively. The corresponding forces resulting from an T T M , and P , 

y 
analysis of loads in the longitudinal direction are designated v1

, v1
, M

1
, 

D _.1) Dz _JJY z 
~' and P1 , respectively. y 

The design shear (V, v-), moment(~, Mi) and z y z y 
axial (pD) forces 
are as follows: 

for the z and y axes of the member for the two load cases 
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LOAD CASE 1 

LOAD CASE 2 

~ • 1.0 1 v~ 1 • o.3 1 v~ 1 

~ • 1.0 I ~ I + 0. 3 I M~ I 

~ .. 1.0 I~ I + 0.3 I M; I 
PD .. 1.0 I PL I + 0.3 I PT I 

v~· o.31v~j+ 1.0 jv;l 
~ • 0.3 ~~I+ 1.0 IM~ I 
~ - 0. 3 I~ I + 1. 0 I M~ I 
P0 • 0.3 I PL I + 1.0 I PT I 

The symbol I I denotes the absolute value or the magnitude of the 
force or moment without regard to its sign since a seismic force can act in 
either direction. It should be noted that, for a straight bridge with no 
skewed piers, columns or abutments, the above combinations simplify 
significantly because a transverse load will primarily produce moments and 
shear· forces in the z direction of the structural member and the longitudinal 
load will primarily produce moments and shear forces in the y direction. 

C4.5 DESIGN REQUIREMENTS FOR SINGLE SPAN BRIDGES 

Single span bridges were separated from bridges with two or more spans 
for analysis and design requirements because of their response to seismic 
loads. This response was judged, on the basis of past performance, to be 
satisfactory provided there is sufficient . support for the girders in both 
longitudinal and transverse directions. The design requirements for the 
connections are necessary to prevent damage and excessive deflections. The 
design forces are based on the premise that the bridge is very stiff. This 
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assumption on the sti ffness of the bridge also acknowledges the f act that the 
period of vibration is difficul t to calculate because of significant 
interaction with the abutments. 

C4.6 DESIGN FORCES FOR SEISMIC PERFORMANCE CATEGORY A 

Prior to the r edes i gn phase of the project the PEP t hought .that the 
design of connections f or wind forces would be satisfactory for ant i ci pated 
seismic forces for bri dges classified as SPC A. However when the magn i tude 
of the wind and seismic f orces were compared for six bridges , it was found in 
almost all cases that , f or an Acceleration Coefficient of 0.10, seismic 
forces were greater t han wi nd forces . In some cases the difference was 
significant. Hence i t was deemed necessary to include the requi rement of 
this section for the design of the connections. The requirement i s simple 
and somewhat conservative, especially for more flexible bridges , s i nce t he 
forces are based on t he maxUnum elastic response coefficient. I f t he des ign 
forces are difficult to accommodate it is recommended that SPC B analysis and 
design procedures be used. 

C4.7 DESIGN FORCES FOR SEISMIC PERFORMANCE CATEGORY B 

The se ismic design forces specified for bridges classified as SPC B 
are intended to be relatively simple but consistent with the overall design 
concepts and methodol ogy. Inherent in any sUnplification of a design 
procedure, however , is a degree of conservatism .and for SPC B this oc.curs in 
the de t ermi nation of the design forces for the foundations and connections to 
columns . If these forces appear to be excessive then the method specified 
for bridges class i fied as SPC C and D in Sec. 4.8.5 .. and 4.8.6 should be 
used •. The major difference is that, for SPC C and D, foundations and 
connections to columns are designed for the ·maximum forces that a column can 
transmit t o these components. In some cases these may be cons i derably less 
then the design forc es specified in Sec . 4.7 . 

Sec tion 4.7.1 specifies the design forces for the structura l components 
of the bri dge . In the first step the elastic forces of Load Cases 1 and 2 of 
Sec. 4.4 are divided by the appropriate R-Factors of Sec. 3.6. These forces 
are combined with t hose from other loads and the group loading combi nation i s 
the same as that used in the current AASHTO Specifications with a l l Y and 6 
factors equal to 1.0 . The major difference between . the Guidelines and t he 
current AASHTO Interim Specifications i s the R-Factors of the Guidelines and 
the Z-Factors of the AASHTO Interim Specifications by which the e l as tic 
forces are divided. Fur t hermore, in the Guidelines each component sha ll be 
designed to resist the t wo se i smic group load combinations of Sec. 4 . 4 , one 
including Load Case 1 and t he other including Load Case 2. Each load case 
incorporates different pr oportions of bi directi onal seismic l oading whereas 
in the AASHTO requirement s only unidirectional loading is consider ed . This 
may be important for some components (e . g., biaxial design of co lumns) and 
unUnportant for others. In the design loads for each component the sign of 
the seismic forces ·and moments obtained from Sec. 4.4 'can be t aken as either 
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positive or negative. The sign of the seismic force or moment that gives the 
maximum magnitude for the design force (either positive or negative) shall be 
used. 

Either the load factor or service load method of design according to 
the Standard Specifications for Highway Bridges, 12th Edition, adopted by 
AASHTO, can be used with the specified forces. For essential bridges in SPC 
B a designer may wish to consider the column design requirements for SPC C · 
and D in Chapters 7 and 8 to enhance the column ductility capacity. However, 
for most bridges the AASHTO requirements and the additional requirements of 
Chapter 8 were deemed reasonable in view of the seismic risk level associated 
with SPC B. The ductility capacity of a column designed to the AASHTO 
Specifications is difficult to estimate because the potential mode of failure 
could be shear, flexure, compression, or loss of anchorage or a combination 
of any two or more. The design requirements of Chapters 7 and 8 for bridges 
classified as SPC C and D are specified such that the potential for a shear, 
compression or loss of anchorage mode of failure is minimized and the column 
is forced to yield in flexure with reasonable ductility capacity when 
subjected to significant seismic force levels • 

Section 4.7.2 specifies the design forces for foundations which 
include the footings, pile caps and piles. The design forces are essentially 
twi·ce the. seismic design forces of the columns. This will generally be 
conservative and was adopted to simplify the design procedure for bridges 
classified as SPC B. However if seismic forces do not govern the design of 
columns and piers there is a pos~ibility that during an earthquake the 
foundations will be subjected to forces larger than the design forces. This 
will occur if the columns remain elastic throughout the duration of the 
seismic ground motion. Thus for important bridges classified as SPC B 
consideration should be given to the use of the forces specified in Sec. 
4.8.6 for foundations in SPC C and D. It should be noted that ultimate soil 
and pile strengths are to be used with the specified foundation seismic 
design forces. 

C4.8 DESIGN FORCES FOR SEISMIC PERFORMANCE CATEGORIES C AND D 

For bridges classified . as SPC C and I) two sets of design forces are 
defined and either one, or both sets, is specified as the design force for 
different components. If two sets are specified the designer has an 
either/or option with one set being more conservative than the other. The 
major difference between these design forces and those specified for bridges 
classified as SPC B is that one set of these defined forces corresponds . to 
forces resulting from plastic hinging in the columns. The design forces for 
the various components are specified in Sec. 4.8.3 to 4.8.7 • 

C4.8.1 MODIFIED DESIGN FORCES 

Section 4.8.1 defines the modified design forces which are used 
for the design of some components of the bridge. In the first step the 
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elastic forces of Load Cases 1 and 2 of Sec. 4.4 are divided by the 
appropriate R-Factor of Sec. 3.6. In combining these forces with those from 
other l oad t ypes the group loading combination is the same as that used in 
Group VII of the current AASHTO Specifications with all Y and B factors equal 
to 1.0 •. The major diffe~ence between the Guidelines and the current AASHTO 
Interim Specifications is the R-Factors of the Guidelines and the Z-Factors 
of the AASHTO Interim Specifications by which the elastic forces are 
divided. Furthermore, in the Guidelines, two seismic group load combinations 
are defined; one for Load Case 1 of Sec. 4.4 and the other for Load Case 2. 
Each load case incorporates different proportions of bidirectional seismic 
l oading whereas ·AASHTO only considers unidirectional loading. This may be 
important for some components (e.g., biaxial design of columns) and 
unimportant for others. In the design loads for each component for the group 
load combination, the sign of the seismic forces and moments obtained from 
Sec. 4.4 can be either positive or negative. The sign of the seismic force 
or moment that gives the maximum magnitude for the design force (either 
positive or negative) shall be used. The exception to this is for column 
axial loads i n which the seismic axial load is considered alternately as a 
positive and negative load so that a minimum and maximum axial force is 
calculated for each load case. 

C4.8.2 FORCES RESULTING FROM PLASTIC HINGING IN COLUMNS, PIERS OR BENTS 

Section 4.8.2 defines the forces resulting from plastic hinging (a 
column reaching its ultimate moment capacity) in the columns and presents two 
procedures: One is for a single column hinging about its two principal axes; 
this is also applicable for piers and bents acting as single columns. The 
other procedure is for a multiple column bent in the plane of the bent. The 
forces are based on the potential overstrength capacity of the materials and · 
to be valid the design detail requirements of Chapters 7 and 8 must be used 
so that plastic hinging of the columns can occur. The overstrength capacity 
results from actual material strengths (steel yield strength, concrete 
compressive strength) being greater than the minimum specified strengths. 
This fact must be accounted for when forces generated by yielding of the 
column are used as design forces. 

The shear mode of failure in a column or pile bent will probably 
result in a partial or total collapse of the bridge; therefore, the design 
shear force must be calculated conservatively. In calculating the column or 
pile bent shear force, consideration must be given to the potential locations 
of plastic hinges. For flared columns these may occur at the top or bottom 
of the flare. For multiple column bents with a partial-height wall the 
plastic hinges will probably occur at the top of the wall unless the wall is 
structurally separated from the column. For columns with deeply embedded 
foundations the plastic hinge may occur above the foundation mat or pile 
cap. For pile bents the plastic hinge may occur above · the calculated point 
of fixity. Because of the consequences of a shear failure it is recommended 
that conservati sm be used in locating possible plastic hinges such that the 
smallest potential column length be used with the plastic moments to 
calculate the largest potential shear force for design. 
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C4.8.3 COLUMN AND PILE BENT DESIGN FORCES 

The design forces for columns specified in Sec. 4.8.3 are based on 
the design philosophy of the Guidelines discussed in the Introduction to the 
Commentary. The design moments are specified on the assumption that the 
column is expected to yield when subjected to the forces of the design 
earthquake. 

The design axial forces which control both the flexural design of 
the column and the shear design requirements are either the maximum or minimum 
of the unreduced design forces or the values corresponding to plastic hinging 
of the columns. In most cases the values corresponding to plastic hinging of 
the columns will be lower than the unreduced design forces. The design shear 
forces are specified so that the possibility of a shear failure in the column 
is minimized. 

C4.8.4 PIER DESIGN FORCES 

The design forces for piers specified in Sec. 4.8.4 are based on 
the assumption that a pier has low ductility capacity and no redundancy. As 
a result a low Response Modification Factor of 2 is used in determining the 
reduced design forces and it is expected that only a small amount of 
inelastic deformation will occur in the response of a pier when subjected to 
the forces of the design earthquake. If a pier is designed as a column in 
its weak direction then both th.e design forces and, more important, the 
design requirements of Sec. 4.8.3 and Chapter 8 are applicable. 

C4.8.5 CONNECTION DESIGN FORCES 

Connections are important elements in maintaining the overall 
integrity of a bridge structure. Therefore, specific attention was given to 
the displacements that occur at moveable supports (Sec. 4.9) and, for fixed 
connections, reasonably conservative design forces are specified to provide 
increased protection at minimum increase in construction cost. 

~ The recommended design forces specified in Sec. 4.8.5 are such 
that col~ connections are designed for the maximum forces that a column can 
transmi;~to the connection (Sec. 4~8.5(C)). The design forces for other . 
connections and the alternate forces for column connections are the elastic 
seismic forces specified in Sec. 4.8.1. Forces greater than the elastic 
seismic forces are specified in the case of abutment connections. An 
additional requirement to prevent significant relative displacements at 
connections is given in Sec. 4.8.5(A). Positive horizontal linkage shall be 
provided by cables or an equivalent mechani~. Friction shall not be 
considered as positive linkage. As a further safety measure, minimum bearing 
support lengths are required. The problem of relative displacement is 
discussed in more detail in Sec. C4.9 • 
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Section 4.8.5(B) presents the only prov1s1on included in the 
Guidelines to minimize the potential adverse effects of vertical seismic 
excitation as discussed in Sec. C4.3. This is a reasonably straightforward 
requirement and will be subject to refinement as the state-of-the-art in the 
effects of vertical seismic excitation develops. 

C4.8.6 FOUNDATION DESIGN FORCES 

The foundation design forces specified in Sec. 4.8.6 are consistent 
with the design philosophy of minimizing damage that would not be readily 
detectable. The recommended design forces are the maximum forces that can be 
transmitted to the footing by plastic hinging of the column. The alternate 
design forces are the elastic design forces. It should be noted that these 
may be considerably greater than the recommended design forces although where 
architectural considerations govern the design of a column the alternate 
elastic design forces may be less than the forces resulting from column 
plastic hinging. 

C4.9 DESIGN DISPLACEMENTS 

In developing the Guidelines the PEP considered design displacements 
to be as Unportant as design forces because many of the loss-of-span type 
failures in past earthquakes have been attributed in part to relative 
displacement effects. 

The length of support provided at abutments, columns and hinge seats 
must accommodate displacements resulting from the overall inelastic response 
of the bridge structure, possible independent movement of different parts of 
the substructure, and out-of-phase rotation of abutments and columns 
resulting from traveling surface wave motions. 

A reasonable estUnate of the displacements resulting from the overall 
elastic dynamic response of the bridge structure can be obtained from the 
multimode spectral method of analysis if the flexibility of the foundations 
is included. Better estimates can be obtained if an inelastic time history 
analysis is performed; however, this is not recommended in the Guidelines 
because of the complexities involved in performing this method of analysis. 
Either the elastic or inelastic time history analysis will give reasonable 
estimates of the out-of-phase movements of different parts of the substructure 
whereas the multimode method of spectral analysis will not. The recent work 
of Elms et al.(2),(3) can be used to give the order of magnitude of 
abutment movement and the recent work of Werner et al.(4),(5) gives some 
indication of the effects of traveling waves on the responses of a limited 
number of bridges. However, much research remains to be done in both these 
areas.(!) 

In summary, the current state of the art precludes a good estimate of 
the differential column and abutment displacements to be expected when a 
bridge is subjected to an earthquake. The PEP believes it necessary to 
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specify minimum support lengths at abutments, piers and hinge seats to 
provide for the effects discussed above. If the displacements resulting from 
the elastic analysis of Sec. 4.3 exceed the minimum specified values, the 
values resulting from the elastic analysis must be used in the design. The 
minimum support lengths specified are dependent on the deck length between 
expansion joints and the column height since both dimensions influence one or 
more of the factors that cause the differential displ acements. Although a 
considerable amount of judgment was exercised on the basis of current · 
knowledge, the proposed criteria should be refined as the state of the art 
develops • 

C4.9.1 SEISMIC PERFORMANCE CATEGORY A 

Since an elastic analysis is not required for bridges classified 
as SPC A the minimum support lengths specified in Sec. 4.9.1 are the only 
design displacement r equirements for these bridges • 

C4.9.2 and 
C4 . 9.3 SEISMIC PERFORMANCE CATEGORIES B, C AND D 

For bridges classified as SPC B, C and D the design displacements 
are specified as the maximum of those determined from the elastic analysis of 
Sec. 4.3 or the minimum specified support lengths given by Eqs. 4-3 and 4-4 .• 
This either/or specification was introduced to account for larger 
displacements that may occur from the analysis of more flexi~le bridges. It 
was the opinion of the PEP that displacements obtained from the elastic 
analysis of bridges should provide a reasonable estimate of the displacements 
resulting from the inelastic response of the bridge. However, it must be 
recognized that displacements are very sensitive to the flexibility of the 
foundation and if the foundation is not included in the elastic analysis of 
Sec. 4.3, consideration should be given to increasing the specified 
displacements for bridges founded on very soft soils. This increase may be 
of the order of 50% or more but as with any generalization considerable 
judgment is required. A better method is to determine upper and lower bounds 
from an elastic analysis which incorporates foundation flexibility. Special 
care in. regard to foundation flexibility is required for bridges with high 
piers. 
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COMMENTARY 

CHAPTER 5 - ANALYSIS PROCEDURES 

CS.l GENERAL 

This chapter of the Guidelines presents two analytical procedures to 
determine the distribution of forces for the prescribed seismic loadings. 
Both are based on linear elastic analysis techniques • 

C5.2 ELASTIC SEISMIC RESPONSE COEFFICIENT AND SPECTRUM 

C5.2.1 ELASTIC SEISMIC RESPONSE COEFFICIENT 

See Sec. C3.2(F) 

CS.2.2 ELASTIC SEISMIC RESPONSE SPECTRUM 

Equation S-4 is to be used if a modal period exceeds 4 sec. It 
can be seen ·that Eqs. 5-4 and S-2 coincide at Tm • 4 sec, so that the 
effect of using Eq. S-4 is to provide a more rapid decrease in Csm as a 
function of Tm than implied by Eq. 5-2. This modification is introduced in 
consideration of the known char~cteristics of earthquake response spectra at 
intermediate and long periods. At intermediate periods the average velocity 
spectrum of strong earthquake motions from large earthquakes (magnitude 6.5 
and larger) is approximately horizontal; this implies that Csm should 
decrease as 1/Tm• In Eq. S-2 Csm decreases as l/Tm2/3 for reasons discussed 
in Sec. C3.2(F), and this slower rate of decrease, if extended to very long 
periods, would result in an unbalanced degree of conservatism in the modal 
force for very flexible bridges. In addition, for very long periods, the 
average displacement spectrum of strong earthquake motions becomes · horizontal; 
this implies that C8 m, which is a form of acceleration spectrum, should 
decay as l/Tm2• The period at which the displacement response spectrum 
be·comes. hor:izontal depends on the size of the earthquake,. being longer .. for 
large earthquakes, and a representative period of 4 · sec was chosen to make 
the transition. 

A central feature of modal analysis is that the earthquake 
response is considered as a combination of the independent responses of the 
bridge vibrating in each of its important modes. As the bridge vibrates back 
and forth in a particular mode at the associated period, it experiences 
maximum values of member forces and displacements. The coefficient Csm is 
determined for each mode from Eq. S-2 using the associated period of the 
mode, Tm, in addition to the factors A and s, which are discussed elsewhere 
in this Coumentary. An exception to this procedure occurs for higher modes 
of those bridges which have periods shorter than 0.3 sec and whi~h are 
founded on Type III soils. For such modes, Eq. S-3 is used. Equation S-3 
gives values ranging from 0.8 A for very short periods to 2.0 A for 

85 



Tm = 0.3. Comparing these values with the limiting value of C5 of 2.0 A 
for Type III soils as specified following Eq. 5-2, it is seen that the use of 
Eq. 5-3, When applicable, reduces the modal base shear. This is an 
approximation introduced in consideration of the conservatism embodied in 
using the spectral shape specified by Eq. 5-2 and its limiting values. This 
shape is a conservative approximation to that of average spectra which are 
known to first ascend, then level off, and then decay as period increases -
see Figs. 9 and 10. Equation 5-2 and its limiting values conservatively 
replace the ascending portion for small periods by a level portion. For Type 
I or II soils, the ascending portion of the spectrum is completed by the time 
the period reaches a value near 0.1 or 0.2 sec. On the other· hand, for soft 
soils the ascent may not be completed until a larger period is reached. 
Equation 5-3 is then a replacement for Type III soils and short periods, 
which is more consistent with spectra for measured accelerations. It was 
introduced because it was judged unnecessarily conservative to use Eq. 5-2 
for modal analysis in the case of Type III soils. 

C5.3 SINGLE MODE SPECTRAL ANALYSIS METHOD 

The single mode spectral analysis method is used to calculate the 
seismic design forces for bridges that respond predominantly in the first 
mode of vibration. The method, aithough completely rigorous from a structural 
dynamics point of view, reduces to a problem in statics after the introduction 
of inertia forces. The method, as formulated, can be applied to many types 
of bridges which have both continuous and non-continuous superstructures. 
Boundary conditions at the abutments and piers can also be modeled to include 
the effects of foundation flexibility. 

Bridges are ge·nerally continuous systems consisting of ·many components 
which contribute to the overall resistance capacity of the system. Consider 
a bridge subjected to a transverse earthquake ground motion. The bridge is 
composed of several spans restrained transversely at the end abutments and 
intermediate piers, as shown in Fig. 14. Typically the bridge deck may have 
expansion joints at the piers or within the spans. These expansion joints do 
not have the capability to transmit transverse deck moments between adj acent 
deck sections. The equation of motion for a continuous system representing 
this system is conveniently formulated using energy principles. The 

r·l L ., 
X 

~ * ~C· ~ ,, 
~-. (o -n _.,_ ,-, ,, 

Span 1-~ I 2 3 l_d I _n_ I 
FIGURE 14. PLAN VIEW OF A BRIDGE SUBJECTED TO A TRANSVERSE 

EARTHQUAKE MOTION 
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principle of virtual displacements may be used to formulate a generalized 
parameter ~odel of a continuous system in a manner which approximates the, 
overall behavior of the system. Assuming transverse motion in a single mode 
shape, a single degree-of-freedom "generalized parameter" model may be , 
f ormulated. To obtain an approximation to this mode shape, a uniform static 
loading, p0 , is applied to the superstructure and the resulting deflection, 
vs(x), is obtained. The dynamic deflection, v(x,t), of the structure under 
seismic excitation as shown in Fig. 15 is then approximated by the shape 
function multiplied by a generalized amplitude function, v(t), as shown by 
Eq. CS-1. 

v(x,t) ~ vs(x)v(t) • (CS-1) 

This function will describe the deformed bridge structure in a manner which 
is consistent with the support conditions and intermediate expansion joint 
hinges in the deck. Note that it is an admissible function which satisfies 
the geometric boundary conditions of the system. 

FIGURE 15. DISPLACEMENT FUNCTION DESCRIBING THE TRANSVERSE 
POSITION OF THE BRIDGE DECK 

X ---
FIGURE 16. DEFLECTED SHAPE DUE TO UNIFORM STATIC LOADING 

Initially, to establish the deflected shape for the generalized 
parameter model, apply a uniform loading p0 to the structure as shown in 
Fig. 16. Assume that the loading is applied gradually so that the kinetic 
energy of the mass of the structure is zero. The external work, WE, done 
by the uniformly applied loading in deforming the structure is given by 
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polL Po 
W = - v (x ) dx = - o; 

E 2 s 2 
0 

( C5- 2) 

where 

(C 5-3 ) 

This work will be stored i nternally in the elastic structure in the f orm of 
strain energy U; thus, 

u = w • 
E 

(CS-4) 

After Vs(x) is determined using any standard static analysis approach , the 
integral in Eq. CS-3, appearing in Step 2 of the Guidelines, may be evaluated 
numerically. 

If the uniform l oading p0 is suddenly removed, and the effects of 
damping are neglected , the structure will vibrate in .the assumed mode shape 
shown in Fig. 17 at a nat ural frequency determined by equating maximum -
kinetic energy t o maximum strain energy (Rayleigh method); i.e. 

T = U (CS-5) 
max max 

FIGURE 17. TRANSVERSE FREE VIBRATION OF THE BRIDGE IN 
ASSUMED MODE SHAPE 

X 

----

The maximum kinetic energy of the system is given by 

2[L 2 2y 
T = ~ w(x)v (x) dx • ~ max g 

0 
s g 

(CS-6) 

where 

I L 2 
Y = w(x)vs(x) dx 

0 

(CS-7) 
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and w is the frequency of the vibrating system. The factor Y defined in 
Eq. CS-7 and appearing in Step 2 of the Guidelines, is evaluated numerically. 

The maximum strain energy stored in the system is 

u .. w • 
max E 

(C5-8) 

Using Eqs. C5-2, C5-6 and C5-8, Eq. CS-5 becomes 

(C5-9) 

Introducing w D 2n/T into Eq. C5-9 and solving for the period T, yields 

T • 2n~ y • 
poga 

(CS-10) 

The generalized equation of motion for the single degree-of-freedom 
system subjected to a ground acceleration vg(t) may be written as 

where 

-ev Ct) 

v(t) + 2;w v(t) + w2v(t) • g y 
(C5-ll) 

(CS-12) 

and ; is the damping ratio to be prescribed. For most structures, a value of 
0.05 is reco'IIIDIIlended. Using the standard acceleration response spectral 
value Cs in its dimensionless form, 

c s 

Sa(f;,T) :a----g 

where Sa(~, T) is the pseudo acceleration spectral value. 

The maximum response of the system is given by 

v(x,t) = v(t) v (x) max max s 

where 
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Thus 

C gB s v (x,t) = -
2
--- v (x) • 

max w Y s 
(CS-16) 

The static loading Pe(x) which yields the displacement v(x,t)max is shown 
in Fig. 18 and is given by 

BC 
p (x) = _s w(x)v (x) 

e y s (CS-17) 

PN:n· r! 'f I U!J{(il!I II rvJt 
Pe(X) · 

FIGURE 18. CHARACTERISTIC STATIC LOADING APPLIED 
TO THE BRIDGE SYSTEM 

C5 .4 MULTIMODE SPECTRAL ANALYSIS METHOD 

C5.4.1 GENERAL 

The multimode response spectrum analysis should be performed with 
a suitable linear dynamic analysis computer program. Programs generally 
available with these capabilities include: STRUDL, SAP4, SAP6, ANSYS, 
STARDYN , NASTRAN, EASE, and MARC. 

C5 .4. 2 MATHEMATICAL MODEL 

The model type and degree of refinement depends on the complexity 
of the actual structure and the results desired in the analysis. Modeling a 
bridge for a dynamic analysis is currently more an art than a science. The 
overall objective is to produce a mathematical model that will represent the 
dynamic characteristics of the structure and produce realistic result.s 
consistent with the input parameters. This section is intended to provide 
some basic guidelines which will yield realistic results for most bridge 
structures. Although the terms "joint" and "node" are generally used 
interchangeably, for the purposes of these Guidelines the term "node" is used 
to indicate the use of a joint specifically for the purposes of mathematically 
modelling mass or inertia characteristics. Condensation of mass terms should 
be done with care to prevent the loss of the inertia effects of the structure. 
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The force-displacement relationship at bridge abutments is a 
highly complex nonlinear problem and will be affected by the abutment 
design. In the absence of more accurate information, the following iterative 
technique may be used to determine an equivalent elastic transverse and 
l ongitudinal stiffness at the abutments to be used for the analysis of 
typical bridge structures. The procedure is outlined in the flowchart 
appearing in Fig. 19 and described in the following steps: 

C5.4.3 

1. Assume an initial abutment design and stiffness. 

2. Analyze the bridge and determine the forces at the abutment. 

3. 

Perform the appropriate following steps: 

(a) If the force levels exceed the acceptable capacity of the 
abutment fill and/or piles, reduce the stiffness of the 
abutments until the analysis indicates force levels below the 
acceptable capacity. 

(b) If the force levels are below the acceptable capacity of the 
abutments, proceed to Step 3 • 

Observe the analyzed displacements at the abutment and take the 
appropriate following step: 

(a) If displacements exceed acceptable levels, the assumed 
abutment design is inadequate. Redesign the abutment and 
return to Step 1 • 

(b) If displacements are acceptable, the last assumed abutment 
stiffness is consistent with the assumed abutment design. 

MODE SHAPES AND PERIODS 

The computer programs mentioned in Sec. C5.4.1 have the ability to 
calculate the mode shapes, frequencies and resulting member forces and 
displacements for a multimode spectral analysis. The following equations 
sunmarize the equations used in such an analysis. 

Mode shapes and frequencies should be obtained from the equation 

[~- w2~] v • 0 (CS-18) 

using standard eigenvalue computer programs; where k and m are the known 
stiffness and mass matrices of the mathematical model, respectively, v is the 
displacement amplitude ·..,ector, and w is the frequency. This analysis-will 
yield the dimensionless mode shapes !1, !2, ••• ,!nand their 
corresponding circular frequencies w1, w2, ••• , wn• The mode periods 
can then be obtained using 

T. 
1. 

2;r 
w. 

1. 

(i=l,2, ••• ,n) (CS-19) 
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REDUCE ABUTMENT 
STIFFNESS TO 
ACCOUNT FOR 

INCREASED LEVEL OF 
YIELDING 

MODEL THE BRIDGE 
WITH INITIAL ABUTMENT 

DESIGN & STIFFNESS 
COEFFICIENTS 

CONDUCT ANALYSIS 
DETERMINE FORCES 
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DISPLACEMENTS 

EVALUATE 
OVERALL 

DESIGN 

NO 

NO 

ABUTMENT 
DESIGN 

INADEQUATE 
REDESIGN 

FIGURE 19. ITERATIVE PROCEDURE FOR INCLUDING ABUTMENT SOIL EFFECTS 
IN THE SEISMIC ANALYSIS OF BRIDGES 
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C5.4.4 MDLnMODE SPECTRAL ANALYSIS 

The uncoupled normal mode equations of motion are of the form 

Y.{t) + 2w. ~.Y.{t) + w~.{t) 
1 1 1 1 1 1 

{i•l ,2, ••• ,n) 

P. {t) 
1 ·-M. 

1 

{CS-20) 

where the subscript i refers to the mode number, Yi, Wi and ~i are the 
mode amplitude, frequency, and damping ratios, respectively, and the 
effective modal load Pi{t) and generalized mass Mi are given by 

P.(t) • ~~ m B v {t) 
1 -1-- g 

T 
M. · · ~. m ~. 1 -1- -1 

(CS-21) 

where B is a vector containing ones and zeros corresponding to those 
components in the direction of excitation Vg(t) and those components in the 
other orthogonal directions, respectively. 

The maximum absolute value of Yi(t) during the entire time-history 
of earthquake excitation is given by 

2 
T. S (~.,T.) 

Y.(t) • 1 a 1 1 
1 max 4~2 

T 
~. m B 
-1--

T ¢1. m ~. 
-1. - -1. 

{CS-22) 

where S4 {~i,Ti) is the acceleration response spectral value for the 
prescribed earthquake excitation. In these Guidelines S4(~i,Ti) is 
obtained from the equation: 

s<;.,r.)•gC 
a11 S1ll 

(CS-23) 

where Csm is defined through the empirical relation given by Eqs. S-2, 5-3 
or 5-4. 

To determine the maxiumum value of any particular response quantity 
Z(t) {e.g., a shear, moment, displacement or relative displacement), use is 
made of the fact that it is linearly related to the normal mode amplitude, 
i.e., 

n 
Z{t) • I: A.Y.(t) 

i=-1 1 1 
(CS-24) 
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where coefficients Ai are known. The maxUnum value of Z(t) during the 
duration of the earthquake can be estimated using the square root of the sum 
of the squares (SRSS) method for systems having well-separated modes, i.e., 
using 

n 

lz<c>l = max 
~ 21 2 £..J A. Y. (t) j 
i=l ~ ~ max 

(CS-25) 

C5.4.5 MEMBER FORCES AND DISPLACEMENTS 

The member forces and displacements of an elastic structure are 
obtained by the superposition of the respective quantities of the individual 
modes of vibration. Generally, the maximum values for each mode do not occur 
simultaneously and thus the maximum value of each mode cannot be directly 
superimposed to obtain the maximum force or displacement of a member. The 
direct superposition (absolute sum) of the individual modal contributions 
thus provides an upper bound which is generally conservative and not 
recommended for design. A satisfactory estimate of the maximum value of a 
force or displacement can be obtained by taking the square root of the sum of 
the squares (SRSS) of the individual modal response as defined by Eq. CS-25. 

The SRSS method is generally applicable to most bridges, however 
there are some bridges with unusual geometric features which cause some of 
the individual modes to have closely spaced periods to which this method may 
not be applicable. There are several methods currently available and new 
methods are emerging for combining these closely spaced modes. One of these 
methods, which may in some cases be conservative, suggests that the absolute 
values of closely spaced modes be added to the SRSS of the remaining modes. 
At present, ·however, there are not enough data available for bridges 
comparing these response spectrum results with time history analyses to 
provide a verifiable basis on which to make recommendations. 
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COMMENTARY 

CHAPTER 6 - FOUNDATION AND ABUTMENT DESIGN REQUIREMENTS 

C6.3, C6.4 SEISMIC PERFORMANCE CATEGORIES B, C and D 
and C6.5 

The Commentary on Chapter 6 is not broken down by Seismic Performance 
Category because most of the commentary on liquefaction, foundations, piles 
and abutments is applicable to all three categories • 

C6.3.1, C6.4.1 FOUNDATIONS 
and C6.5.1 

C6.3 .l(A), C6.4.1(A) Investigation 
and C6 .5 .l(A) 

Slope instability, liquefaction, fill settlement and increases in 
lateral earth pressure have often been major factors in contributing to 
bridge damage in past earthquakes. These earthquake hazards may be 
significant design factors for peak earthquake accelerations in excess of 
O.lg and should form part of a site specific investigation if the site 
conditions and the associated acceleration levels and design concepts suggest 
that such hazards may be of importance. Since ·liquefaction has contributed 
to many bridge failures, methods for evaluating site liquefaction potential 
are described in more detail below. 

Liquefaction Potential. Liquefaction of saturated granular 
foundation soils has been a major source of bridge failures during historic 
earthquakes. For example, during the 1964 Alaska earthquake, 9 bridges 
suffered complete collapse, .. and 26 suffered severe deformation or partial 
collapse. Investigations indicated that liquefaction of foundation soils 
contributed to much of the damage, with loss of foundation support leading to 
major displacements of abutments and piers. A study of seismically induced 
liquefaction and its influence on bridges has been compiled by Ferritto and 
Forest in a report{!) to the Federal Highway Administration. A brief 
review of seismic design considerations for bridge foundations related to 
site liquefaction potential is given in reference 2. From the foundation 
failures documented in these reports and in the literature in general, it is 
clear that the design of bridge foundations in soils susceptible to 
liquefaction poses difficult problems. Where possible, the best design 
measure is to avoid deep, loose to medium-dense sand sites where liquefaction 
risks are high. Where dense or more competent soils are found at shallow 
depths, stabilization measures such as densification may be economical. The 
use of long ductile vertical steel piles to support bridge piers could also 
be considered. Calculations for lateral resistance would assume zero support 
from the upper zone of potential liquefaction, and the question of axfal 
buckling would need to be addressed. Overall abutment stability would also 
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require careful evaluation, and it may be preferable to use longer spans and 
to anchor abutments well back from the end of approach fills. 

A further design philosophy for bridges in liquefaction 
susceptible areas might be one of "calculated risk", at least for those 
bridges regarded as being less essential for communication purposes 
immediately after an earthquake. It may not be economically justifiable to 
design some bridges to survive a large earthquake in a liquefaction 
envirotunent without significant damage. However, it may be possibl'e to 
optimize a design so that the cost of repair of potential earthquake damage 
to those bridges does not exceed the cost of remedial measures and additional 
construction needed to avoid the damage. The approaches for determining the 
liquefaction potential at a site are outlined below. 

A recent review of methodologies(3) identifies two basic 
approaches for evaluating the cyclic liquefaction potential of a deposit of 
saturated sand subjected to earthquake shaking: 

1. Empirical methods based on field observations of the performance 
of sand deposits in previous earthquakes, and correlations between 
sites which have and have not liquefied and Relative Density or 
Standard Penetration Test (SPT) blowcounts. 

2. Analytical methods based on the laboratory determination of the 
liquefaction strength characteristics of undisturbed samples and 
the use of dynamic site response analysis to determine the 
magnitude of earthq~ke-induced shearing stresses. 

Both empirical and analytical methods require the level of ground 
acceleration at a site to be defined as a prerequisite for assessing 
liquefaction potential. This is often established from relationships between 
earthquake magnitude, distance from the epicenter and peak acceleration. 

For conventional evaluations using a "total stress" approach the 
two methods are .similar, but differ only in the manner in which the field 
liquefaction strength is determined. In the "total stress" approach, 
liquefaction strengths are normally expressed as the ratio of an equivalent 
uniform or average cyclic shearing stress Th acting on horizontal surfaces 
of the sand to the initial vertical effective stress o0 '. As a first 
approximation, the cyclic stress ratio developed in the field because of 
earthquake ground shaking may be computed from an equation given by Seed and 
Idriss,(4) namely: 

. where 

(Th) /o ' = 0.65rd(a /g)/(o /o ') av o max o o 
(C6-l) 

Amax = maximum or effective peak ground acceleration at the 
ground surface 

o0 = total overburden pressure on sand layer under 
consideration 
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cr 0 ' =initial effective overburden pressure on sand layer 
under consideration 

= stress reduction factor varying from a value of 1 at the 
ground surface to 0.9 at a depth of about 30 ft (9.1 m) • 

Empirical Methods. Values of the cyclic stress ratio defined by 
Eq. C6-l have been correlated for sites which have and have not liquefiedS 
with parameters such as relative density based on SPT data (Seed et al.,( ) 
Castro(6)) • . The latest form of this type of correlation (after Seed(3)) 
is expressed in Figs. 20 and 21. N1 is the measured standard penetration 
resistance of the sand corrected to an effective overburden pressure of 
1 ton/sq ft (95,800 N/m2) using the relationship 

(C6-2) 

Thus, for a given site and a given maximum ground surface acceleration, the 
average stress ratio developed during the earthquake, (Th)av/cr0 ', at 
which liquefaction may be expected to occur, is expressed by the empirical 
correlations shown by Fig. 20. The correlations for different magnitudes 
reflect the influence of earthquake duration on liquefaction potential. The 
factor of s·afety against liquefaction can be determined by comparing the 
stress ratio required to cause liquefaction with that induced by the design 
earthquake. It is suggested that a factor of safety of 1.5 is desirable to 
establish a reasonable measure of safety against liquefaction in the cas·e of 
important bridge sites. 

A further extension of the empirical approach has recently been 
described by Dezfulian and Prager,(7) where a correlation between cone 
penetrometer tests (CPT) and standard penetration tests (SPT) has enabled CPT 
measurements in sands (expressed as point resistance qc) to be used as a 
measure of liquefaction potential. CPT have the advantage of being more 
economical than SPT, and since they can provide a ~ontinuous re'cord of 
penetration resistance with depth, potentially liquefiable thin seams of sand 
can be identified more readily. 

Whereas penetration tests have the clear advantage of being a 
field oriented liquefaction evaluation procedure, it must always be 
remembered that the empirical correlation has been established from a very 
limited data base restricted to sites comprising primarily deposits of fine 
silty sand. The correlation may break down for sandy silts and gravelly 
soils (where blowcount data are difficult to interpret), and for coarser 
sands where partial drainage of excess pore pressures may occur during an 
earthquake. Furthermore, for situations where additional stresses are 
imposed by construction operations, care is needed in interpreting the 
correlation. 

Analytical Methods. The analytical approach for evaluating 
liquefaction potent~al is based on a comparison between field liquefaction 
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strengths established from cyclic laboratory tests on undisturbed samples, 
and earthquake-induced shearing stresses. In this approach it must be 
recognized that the· development of a field liquefaction strength curve from 
laboratory test results, requires data adjustment to account for factors such 
as correct cyclic stress simulation, sample disturbance, aging effects, field 
cyclic stress history, and the magnitude of in situ lateral stresses. These 
adjustments require a considerable degree of engineering judgment. Also in 
many cases it is impossible to obtain undisturbed sand samples. 

Once a liquefaction strength curve has been established, if a 
total stress analysis is used, liquefaction potential is evaluated from 
comparisons with estimated earthquake-induced shear stresses (as shown in 
Fig. 22). 

The earthquake-induced shear stress levels may be established from 
a simplified proced.ure, (4) or more sophisticated assessments made using one 
dimensional "equivalent linear" dynamic response programs such as SHAKE. 
Average stress levels are established using the equivalent number of cycles 
concept (approximately 10 for M7 and 30 for M8. 5 earthquakes). More recently, 
nonlinear programs have been introduced for response calculations. 

An improved representation of the progressive development of 
liquefaction is provided by the use of an effective stress approach(8,9,10) 
where pore water pressure increases are coupled to nonlinear dynamic response 
solutions, and the influence of potential pore water pressure dissipation 
during an earthquake is taken into account. This approach provides data on 
the time history of pore water pressure increases during an earthquake, as 
shown in Fig. 23. 

It is of interest to note that a rough indication of the potential 
for liquefaction may be obtained by making use of empirical correlations 
established between earthquake magnitude and the epicentral distance to the 
most distant field manifestations of liquefaction. Such a relationship has 
been described by Youd and Perkins(ll) (Fig. 24), and has been used as a 
basis for preparation of liquefaction-induced ground failure susceptibility 
maps. 

C6.3.l(B), C6.4.l(B) Foundation Design 
and C6.S.l(B) 

The commonly accepted practice for the seismic design of 
foundations is to utilize a pseudo-static approach, where earthquake-induced 
foundation loads are determined from the reaction forces and moments 
necessary for structural equilibrium. Whereas traditional bearing capacity 
design approaches are also applied, with appropriate capacity reduction 
factors if a measure of safety against "failure" is desired, a number of 
factors associated with the dynamic nature of earthquake loading should 
always be borne in mind. 
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Under cyclic loading at earthquake frequencies, the strength 
capable of being mobilized by many soils is greater than the static 
strength. For unsaturated cohesionless soils the increase may be about 10% , 
while for cohesive soils, a 50% increase could occur. However, for softer 
saturated clays and saturated sands , the potential for strength and stiffness 
degradation under repeated cycles of loading must also be recognized. For 
bridges classified as SPC B, the use of static soil strengths for evaluating· 
ultimate foundation capacity provides a small implicit factor of safety and, 
in most cases, strength and stiffness degradation under repeated loading will 
not be a problem because of the smaller magnitudes of seismic events. · 
However for bridges classified as SPC C and D, some attention should be given 
to the potential for stiffness and strength degradation of site soils when 
evaluating ultimate foundation capacity for seismic design. 

As earthquake loading is transient in nature, "failure" of soil 
for a short time during a cycle of loading may not be significant. Of 
perhaps greater concern - is the magnitude of the cyclic foundation displacement 
or rotation associated with soil yield, as this could have a significant 
influence on structural displacements or bending moments and shear 
distributions in columns. 

As foundation compliance influences the distribution of forces or 
moments in a structure and affects computation of the natural period, 
equivalent stiffness factors for foundation systems are often required. In 
many cases, use is made of various analytical solutions which are available 
for footings or piles, where it is assumed that soil behaves as an elastic 
medium. In using these formulae, it· should be recognized that equivalent 
elastic moduli for soils are a function of strain amplitude, and for high 
seismic loads modulus values could be significantly less than those 
appropriate for low levels of seismic loading. Variation of shear modulus 
with shearing strain amplitude in the case of sands is shown in Fig. 25 • 

On the b~sis of field and experimental observations, it is 
becoming more widely recognized that transient foundation uplift or rocking 
during earthquake loading, resulting in separation of the foundation from the 
subsoil, is acceptable provided appropriate design precautions are taken 
(Taylor and WilliaJJ1a,P2>). Experimental studies suggest that rotational 
yielding beneath r'q_Cldng foundations can provide a useful form of energy 
dissipation. Howev,e 'f', care must be taken to avoid significant induced 
vertical deformati~ns accompanying possible soil yield during earthquake 
rocking, as well as excessive pier movement. These could lead to design 
difficulties with relative displacements • 

Lateral Loading of Piles. Most of the well-known solutions for 
computing the lateral stiffness of vertical piles are based on the assumption 
of elastic behavior and utilize equivalent cantilever beam concepts,(l3) 
the beam on an elastic Winkler foundation method(l4) or elastic continuum 
solutions.(l5) However, the use of methods incorporating nonlinear subgrade 
reaction behavior that allows for soil failure may be important for high 
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lateral loading of piles in soft clay and sand. Such a procedure is 
encompassed in the American Petroleum Institute (API) recommendations for 
offshore platform design.Cl6) The method utilizes nonlinear subgrade 
reaction or p-y curves for sands and clays which have been developed 
experimentally from field loading tests. 

The general features of the API analysis in the case of. sands are 
illustrated in Fig. 26. Under large loads, a passive failure zone develops 
near the pile head. Test data indicate that the ultimate resistance, Pu, 
for lateral loading is reached for pile deflections, Yu, of about 3d/SO, 
where d is the pile diameter. Note that most of the lateral resistance is 
mobilized over a depth of about 5d. The API method also recognizes 
aegradation in lateral resistance with cyclic loading, although in the case 
of saturated sands the degradation postulated does not reflect pore water 
pressure increases. The degradation in lateral resistance due to earthquake
induced free-field pore-water pressure increases in saturated sands, has been 
described by Finn and Martin.Cl7) A numerical method which allows the use 
of API p-y curves to compute pile stiffness characteristics forms the basis 
of the computer program BMCOL 76 described by Bogard and Matlock.(l8) 

The influence of group action on pile stiffness is a somewhat 
controversial subject. Solutions based on elastic theory can be misleading 
where yield near the pile head occurs. Experimental evidence tends to 
suggest that group action is not significant for pile spacings greater than 
4d to 6d. 

For batter pile systems, the computation of lateral pile stiffness 
is complicated by the stiffness of the piles in axial compression and 
tension. It is also important to recognize that bending deformations in 
batter pile groups may generate high reaction forces on the pile cap. 

It should be noted that while batter piles are economically 
attractive for resisting horizontal loads, such piles are very rigid in the 
lateral direction if arranged so that only axial loads are induced. Hence, 
large relative lateral displacements of the more flexible surrounding soil 
may occur during the "free-field" earthquake response of the site 
(particularly if large changes in soil stiffness occur over the pile length), 
and these relative displacements may in turn induce high pile bending 
moments. For this reason, more flexible vertical pile systems where lateral 
load is resisted by bending near the pile heads, are recommended. However, 
such pile systems must be designed to be ductile, because large lateral 
displaceme~ts may be necessary to resist the lateral load. A compromise 
design using battered piles spaced some distance apart may provide a system 
which has the benefits of limited flexibility and the economy of axial load 
resistance to lateral load. 

Soil-Pile Interaction. The use of pile stiffness characteristics 
to determine earthquake-induced pile bending moments based on a pseudo-static 
approach, assumes that moments are induced only by lateral loads arising from 
inertial effects on the bridge structure. However, it must be remembered 
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that the inertial loads are generated by interaction of the free-field 
earthquake ground motion with the piles, and that the free-field displacements 
themselves can influence bending moments. This is illustrated in an idealized 
manner in Fig. 27. The free-field earthquake displacement time histories 
provide input into the lateral resistance interface elements which in turn 
transfer motion to the pile. Near the pile heads, bending moments will be 
dominated by the lateral interaction loads generated by inertial effects on 
the bridge structure. At greater depth (e.g., greater than lOd) where soil 
stiffness progressively increases with respect to pile stiffness, the pile 
will be constrained to deform in a similar manner to that of the free field, 
and pile bending moments become a function of the curvatures induced by 
free-field displacements. 

To illustrate the nature of free-field displacements reference is 
made to Fig. 28, which shows a 200 ft (61 m) deep cohesionless soil profile 
subjected to the El Centro Earthquake. The free-field response was determined 
using a nonlinear one-dimensional response analysis. From the displacement 
profiles shown at specific times, curvatures can be computed and pile bending 
moments calculated if it is assumed that the pile is constrained to displace 
in phase with the free-field response. 

Lar·ge curvatures could develop at interfaces between soft and 
rigid soils and, clearly, in such ca~es emphasis should be placed on using 
flexible ductile piles. MargasonC19 suggests that curvatures of up to 
6xlo-4 in.-1 (15.24xlo-3 mm-1) could be induced by strong earthquakes 
but these should pose no problems to well-designed steel or prestressed 
concrete piles. 

Studies incorporating the complete soil-pile-struct~re)interaction 
system as presented by Fig. 27, have been described by Penzienl20 for a 
bridge piling system in a deep soft clay. A similar but somewhat simpler 
soil-pile-structure interaction sys~em (SPASM) to that used by Penzien, has 
been described by Matlock et al.(Zl) The model used is, in effect, a 
dynamic version of the previously mentioned BMCOL program. 

C6.3.1(C) and 
C6.4.1(C) 

Special Pile Requirements 

The uncertainties of ground and bridge response characteristics 
lead . to the desirability of providing tolerant pile foundation systems .. 
Toughness under induced curvature and shears is required, and hence piles 
such as steel H-sections and concrete filled steel-cased piles are favored 
for highly seismic areas. Unreinforced concrete piles are brittle in nature, 
so nominal longitudinal reinforcing is specified to reduce this hazard. The 
reinforcing steel should be extended into the footing to tie elements 
together and to assist in load transfer from the pile to the pile cap. 

Experience has shown that reinforced concrete piles tend to hinge 
or shatter immediately below the pile cap. Hence tie spacing is reduced in 
this area so that the concrete is better confined. Driven precast piles 
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should be constructed with considerable spiral confining steel to ensure good 
shear strength and tolerance of yield curvatures should these be imparted by 
the soil or structural response. Clearly, it is desirable to ensure that 
piles do not fail below ground level, and that flexural yielding in the 
columns is forced to occur above ground level. The additional pile design 
requirements imposed on piles for bridges classified as SPC C and D for which 
earthquake loading is more severe, reflect a design philosophy aimed at 
minimizing below ground damage which is not easily inspected following a 
major earthquake. 

C6.3.2, C6.4.2 
and C6.5.2 

ABUTMENTS 

The numerous case histories of damage to, or failure of, bridges 
induced by abutment failure or displacement during earthquakes have clearly 
demonstrated the need for careful attention to abutment design and detailing 
in seismic areas. Damage is typically associated with fill settlement or 
slumping, displacements induced by high seismically-induced lateral earth 
pressures, or the transfer of high longitudinal or transverse inertia forces 
from the bridge structure itself. Settlement of abutment backfill, severe 
abutment damage or bridge deck damage induced by . the movement of abutments 
may cause loss of bridge access, and hence abutments must be considered as a 
vital link in the overall seismic design process for bridges. 

The nature of abutment movement or damage 6uring past earthquakes has 
been well documented in the literature. Evans(22) examined the abutments 
of 39 bridges within 30. miles (48 .3 km) of the 1968 M7 Inangahua earthquake 
in New Zealand, of which 23 showed measurable movement and 15 were damaged. 
Movements of free standing abutments followed the general pattern of outward 
motion and rotation about the top after contact with and restraint by the 
superstructures. Fill settlements were observed to be 10 to 15% of the fill 
height. Damage effects on brid~e abutments in the M7.1 Madang earthquake in 
New Guinea reported by Ellison< 3) were similar; abutment movements as much 
as 20 in. (500 mm) were noted. Damage .to abutments in the 1971 San Fernando 
earthquake is described by Fung et al.(24) Numerous instances of abutment 
displacement and associated damage have been reported in publications on the 
Niigata and Alaskan earthquakes. However, these /failures were primarily 
associated with liquefaction of foundation soils. 

Design features of abutments vary tremendously, and depend on the 
nature of the bridge site, foundation soils, bridge span length and load 
magnitudes. Abutment types include free-standing gravity walls, cantilever 
walls, tied back walls, and monolithic diaphragms. Foundation support may 
use spread foot i ngs, vertical piles or battered piles, while connection 
details to the superstructure may incorporate roller supports, elastomeric 
bearings or fixed bolted connections. Considering the number of potential 
design variables together with the complex nature of soil-abutment
superstructure i nteraction during earthquakes, it is clear that the seismic 
design of abutments necessitates many simplifying assumptions. 
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C6.3.2(A), C6.4.2(A) Free-Standing Abutments 
C6.5.2(A) 

For free-standing abutments such as gravity or cantilever 
walls, which are able to yield laterally during an earthquake (i.e., 
superstructure supported by bearings which are able to slide freely) the 
well-established Mononobe-Qkabe pseudo-static approach outlined below, is 
widely used to compute earth pressures induced by earthquakes. 

For free-standing abutments in highly seismic areas, design of 
abutments to provide zero displacement under peak ground accelerations may be 
unrealistic, and design for an acceptable small lateral displacement may be 
preferable. A recently developed method for computing the magnitude of 
relative wall displacement during a given earthquake is outlined in this 
subsection. Based on this s~plified approach, recommendations are made for 
the selection of a pseudo-static seismic coefficient and the corresponding 
displacement level for a given effective peak ground acceleration • 

Mononobe-Qkabe Analysis 

The method most frequently used for the calculation of the 
seismic soil forces acti9g Qn a bridge 4bu~ent is a static approach developed 
in the 1920s by Mononobel25J and Okabe.l26J The Mononobe-Qkabe analysis 
is an extension of the Coulomb sliding-wedge theory taking into account 
horizontal and vertical inertia forces 4cting on the soil. The analy~is is 
described in detail by Seed-and Whitmanl27J and Richards and Elms.(28J The 
following assumptions are made: 

1. The abutment is free to yield sufficiently to enable 
full soil strength or active pressure conditions to be 
mobilized. If the abutment is rigidly fixed and 
unable to move, the soil forces will be much higher 
than those predicted by the Mononobe-Qkabe analysis. 

2. The backfill is cohesionless, with a friction angle 
of q. • 

3. The backfill is unsaturated, so that liquefaction 
problems will not arise. 

Equilibrium considerations of the soil wedge behind the 
abutment (Fig. 29) then lead to a value, EAE, of the active force exerted 
on the soil mass by the abutment (and vice versa), when the abutment is at 
the point of failure: EAE is given by the expression 

(C6-3) 

where the seismic active pressure coefficient KAE is 
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= unit weight of soil 

= height of soil face 

= angle of friction of soil 

~ ·. 
arc tan( 1_k ) 

v 

= angle of friction between soil and abutment 

= horizontal acceleration coefficient 

k = vertical acceleration coefficient v 
i = backfill slope angle 

8 = slope of soil face. 

(C6-4) 

The equivalent expression for passive force if the ·abutment is being pushed 
into the backfill is 

where 

.. K = 
PE 2 

cos 8 cos 8 

(C6-5) 

(C6-6) 

As the seismic inertia angle 8 increases, the values of KAE and KPE 
approach each other and, for a vertical backfill, become equal when 8 • ·¢. 

Despite the relative simplicity of the a~7roach, the 
accuracy of Eq. C6-3 has been substantiated by. model tests< ) and by back 
calculation from observed failures of flood channel walls.(29) In the 
latter case, however, the displacements were large; and this, as will be 
seen, can modify the effective values of kh at 'Which failure occurs. 

The value of h, the height at which the resultant of the 
soil pressure acts on the abutment, may be taken as H/3 for the static case 
with no earthquake effects involved. However, it becomes greater as 
earthquake effects increase. This has been shown by tests and theoretically 
by Wood,(30) who found that the resultant of the dynamic pressure acted 
approximately at midheight. Seed and Whitman have suggested that h could be 
obtained by assuming that the static component of the soil force (computed 
from Eq. C6-3 with 8 = kv = 0) acts at H/3 from the bottom of the •abutment, 
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while the additional dynamic effect should be taken to act at a height of 
0.6H. For most purposes it is sufficient to assume h ~ H/2, with a uniformly 
distributed pressure. 

Although the Mononobe-Dkabe expression for active thrust 
is easily evaluated for any particular geometry and friction angle, the 
significance of the various parameters is not obvious. Figure 30 shows the 
variation of KAE against kh for different values of ~ and kv; KAE is 
obviously very sensitive to the value of ~. Also, for a constant value of ~' 
KAE doubles as kh increases from zero to 0.35 for zero vertical 
acceleration, and thereafter it increases more rapidly • 

In order to evaluate the increase in soil active pressure 
due ·to earthquake effects more easily, KAE can be normalized by dividing by 
its static value KA to give a thrust factor 

(C6-7) 

Whereas Fig. 30 shows that KAE is sensitive to changes in the soil friction 
angle ~' the plots of FT against ~ in Fig. 31 indicate that the value of 
has little effect on the thrust factor until quite suddenly, over a short 
range of~' FT increases rapidly and becomes infinite for specific critical 
values of ~. The reason for this behavior may be determined by examining Eq. 
C6-4. The contents of the radical must be positive for a real solution to be 
possible, and for this it is necessary that 

k h 
~ ? i + 6 ~ i + arc tan( 1_k ) 

v 
(C6-8) 

This condition could also· be thought of as specifying a limit to the 
horizonta 1 acceleration coe.fficient that could be sustained by any structure 
in a given soil. The limiting condition is that 

(C6-9) 

For zero vertical acceleration and backfill angle and for a soil friction 
angle of 35°, the limiting value of kh is 0.7. This is a figure of some 
interest in that it provides an absolute upper bound for the seismic 
acceleration that can be transmitted to any structure whatsoever built on 
soil with the given strength characteristics. 

Figure 32 shows the effect on FT of changes in the 
vertical acceleration coefficient kv· Positive values of kv have a 
significant effect for values of kh greater than 0.2. The effect is 
greater than 10% above and to the righe of the dashed line. 

As is to be expected from Eq. C6-6, KAE and FT are 
also sensitive to variations in backfill slope, particularly for higher 
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values of horizontal acceleration coefficient when the limit implied by 
Eq. C6-6 is approached. This effect is shown in Fig. 33. 

The e-ffects of abutment inertia are not taken into account 
in the Mononobe-Dkabe analysis. Many current procedures assume that the 
inertia forces due to the mass of the abutment itself may be neglected in 
considering seismic behavior and seismic design. This is not a conservative 
assumption, and for those abutments relying on their mass for stability it is 
also an unreasonable assumption, in that to neglect the mass is to neglect a 
major aspect of their behavior. The effects of wall inertia are discussed 
further by Richards and Elms,(28) who show that wall inertia forces should 
not be neglected in the design of gravity retaining walls. 

Design for Displacement 

If peak ground accelerations are used in the Mononobe
Okabe analysis method, the size of gravity retaining structures will often be 
excessively great. To provide a more economic struct·ure-, design for a small 
tolerable displacement rather than no displacement may be preferable. 

Tests have shown that a gravity retaining wall fails in an 
incremental manner in an earthquake. For any earthquake ground motion, the 
total relative displacement may be calculated using the sliding block method 
suggested by Newmark.(31) The method assumes a displacement pattern similar 
to that of a block resting on a plane rough horizontal surface subjected to 
an earthquake, with the block being free to move against frictional resistance 
in one direction only. Figure 34 shows how· the relative dis.placement relates 
to the acceleration and velocity time histories ·of soil and wall. At a 
critical value of .kh, the wall is assumed to begin sliding-; relative motion 
will continue until wall and soil velocities are equal. Figures 35 and 36 
show the results(28) of a computation of wall displacement for kh • 0.1 
for the El Centro 1940 N-S record. 

Newmark computed the max~um displacement response for 
four earthquake records, and plotted the results after scaling the earthquakes 
to a common max~um acceleration and velocity. Franklin and Chang(32) repeated 
the analysis for a large number of both natural and synthetic records and 
added their results to the same plot. Upper bound envelopes for their results 
are shown in Fig. 37. All records were scaled to a maximum acceleration 
coefficient of 0.5 and a max~um velocity V of 30 in./sec (762 mm/sec). The 
max~um resistance coefficient N is the maximwil .acceleration coefficient 
sustainable by a sliding block before it slides. In the case of a wall 
designed using the Mononobe-Dkabe method, the max~um coefficient is, of 
course, kh• 

Figure 37 shows that the displacement envelopes for all 
the scaled records have roughly the same shape. 
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An approxUnation to the curves for relatively low 
displacements is given by the relation, expressed in any consistent set of 
t.mits, 

(C6-10) 

where d is the total relative displacement of a wall subjected to an 
earthquake ground motion whose max~ acceleration coefficient and maxUnum 
velocity are A and V, respectively. This is drawn as a straight line on 
Fig. 37. Note that as this expression has been derived from envelope curves, 
it will overestimate d for most earthquakes. 

One possible design procedure would be to choose a desired 
value of maximum wall displacement d together with appropriate earthquake 
parameters, and to use Eq. C6-10 to derive a value of the seismic acceleration 
coefficient for which the wall should be designed. The wall connections, if 
any, could then be detailed to allow for this displacement • 

By applyi~g the above procedure to several simplified 
examples, E~s and Martin(33J have shown that a value of kh • A/2 is 
adequate for most design purposes, provided that allowance is made for an 
outward displacement of the abutment of up to lOA in. (254A mm). 

For bridges classified as SPC C and D, more detailed 
consideration of the mechanism of transfer of structural inertia forces 
through bridge bearings to free-standing abutments is required, particularly 
for bridges ·classified as SPC D where continued bridge accessibility after a 
major earthquake is required. · 

For sliding steel bearings or pot bearings, force diagrams 
describing limiting equilibrium conditions for a simple abutment are shown in 
Fig. 38. Where bearings comprise unconfined elastomer.ic pads, the nature of 
the forces transferred to the abutment becomes more complex, since such 
bearings are capable of transferring significant force. The magnitude of the 
force initially depends on the relative movement between the superstructure 
and the abutment, and force magnitudes can become quite large before slip 
will occur. 

For bridges classified as SPC D, additional consideration 
should be given to the use of linkage bolts and buffers to minimize damage. 
A typical abutment support detail used by the New Zealand Ministry of Works 
is shown in Fig. 39. It may be seen that linkage bolts are incorporated to 
prevent spans dropping off supports. The rubber rings act as buffers to 
prevent impact damage in the event that the lateral displacement clearance 
provided is inadequate. The knock-off backwall accommodates differential 
displacement between the abutment and superstructure, with minimum structural 
damage. A more typical design provision in United States practice is to seal 
the gap between superstructure and abutment with bitumen to minimize impact 
damage. It must be recognized, however, that in this case some damage and 
possible abutment rotation will occur in strong earthquakes. 
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The use 
40 which has the effect of 
settlement is also noted. 
friction anchorage against 

of a settlement or approach slab in Figs. 39 and 
providing bridge access in the event of backfill 
The slab also provides an additional abutment 
lateral movement. 

Non-Yielding Abutments 

As previously noted, the Mononobe-Qkabe analysis assumes 
that the abutment is free to yield laterally a sufficient amount to mobilize 
peak soil strengths in the soil backfill. For granular soils, peak strengths 
can be assumed to be mobilized if deflections at the top of the wall are 
about 0.5% of the abutment height. For abutments which are restrained 
against lateral movement by tie backs or batter piles, lateral pressures 
induced by inertia forces in the backfill will be greater than those given 
by a Mononobe-okabe analysis. Simplified elastic solutions presented by 
Wood(30) for rigid non-yielding walls, also indicate that pressures are 
greater than those given by Mononobe-okabe. The use of a factor of 1.5 in 
conjunction with peak ground accelerations is suggested for design where 
doubt exists that ari abutment can yield sufficiently to mobilize soil 
strengths. 

C6.3.2(B), C6.4.2(B) Monolithic Abutments 
C6.5.2(B) 

Monolithic or end diaphragm abu.tments such as shown in Fig. 40 
are commonly used for single and for two span bridges in California. As 
shown, the end diaphragm is cast monolithically with the superstructure and 
may be directly supported on piles, or provision .may be made for beam 
shortening during post-tensioning. The diaphragm act·a as a retaining wall 
with the superstructure acting as a prop between abu~ents. 

Such abutments have performed well during earthquakes and 
avoid problems such as backwall and bearing damage associated with yielding 
abutments, and reduce the lateral load taken by columns or piers. On the 
other hand, higher longitudinal and transverse superBtructure inertia forces 
are transmitted directly into the backfill and ,provision must be made for 
adequate passive resistance to avoid excessive rel-ative displacements. 

Whereas free-standing or seat type abutments allow the 
engineer more control over development of soil forces, the added joint 
introduces a potential collapse mechanism into the structure. To avoid this 
collapse mechanism, monolithic abutments are particularly recommended for 
bridges classified as SPC D. Whereas damage may be heavier than that for 
free- standing abu~ents because of the higher forces transferred to backfill 
soils, with adequate abutment reinforcement the collapse potential is low. 
In making estimates of monolithic abutment stiffness and associated 
longitudinal displacements during transfer of peak earthquake forces from the 
structure, it is recommended that abutments be proportioned to restrict 
displacements to 0.3 ft (91.4 mm) or less in order to minimize damage. 
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FIGURE 38. FORCE DIAGRAMS INCLUDING BEARING FRICTION 

FRICTION OR 
SETTLEMENT SLAB 

FIGURE 39. ABUTMENT SUPPORT DETAIL 
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COMMENTARY 

CHAPTER 7 - STRUCTURAL STEEL 

C 7 .1 GENERAL 

The 50% increase in allowable stresses for service load design is 
based on the following: 

1. The margin of safety between the yield strength and allowable 
stress of short columns • 

2. The margin of safety between the yield strength and allowable 
tensile stress. 

3. The margin of safety of compression members, which varies between 
1.7 and 1.9.(1,2) 

C7.3 SEISMIC PERFORMANCE CATEGORIES B, C AND D 

This subsection provides modifications to the interaction equations 
when the P-delta effects are explicitly determined. In columns, the 
reductions to the allowable stresses are in part a result of the 
consideration of member P-delta effects. These P-delta reductions are 
modified in AASHTO by a K-factor which is a recognition of the effect _of end 
restraint in the member P-delta relationship. The bases for the values of 
this ratio where joint translation is prevented are well documented. The 
selection of the value of Cm where joint translation is permitted was an 
approximation applicable primarily to designs for which significant applied 
horizontal forces are not present. Since the advent of computer analysis, 
the solution of the interaction equations when secondary effects resulting 
from deflection are taken i .nto account, has become much easier. In most 
cases with significant horizontal displacements the first iteration· of 
deflection is suffiCient. It is possible that for some members, such as weak 
axis columns depending on end support conditions , critical stress may o·ccur 
at the midheight rather than the column ends. Thus the stress limits 
specified when joint translation is prevented. should not be exceeded • 

REFERENCES 

1. ''Manual of Steel Construction," American Institute of Steel 
Construction, Inc., 1979 • 

2. Johnson, B. G., Structural Stability Research Council's "Guide to 
Stability Design Criteria for Metal Structures," Third Edition, John 
Wiley and Sons, New York, 1976 • 
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COMMENTARY 

CHAPTER 8 - REINFORCED CONCRETE 

C8.1 GENERAL 

The purpose of the additional design requirements of this chapter is 
to ensure, especially for bridges classified as SPC C and D, that the design 
of the components of a bridge are consistent with the overall design 
philosophy and that the potential for failures observed in past earthquakes 
is minimized. The additional column design requirements of this ~hapter for 
bridges classified as SPC C and D are such that a column is forced to yield 
in flexure with a reasonable ductility capacity and that the potential for a 
shear, compression or loss of anchorage mode of failure is minimized. The 
additional design requirements for piers provide for some inelastic capacity; 
however, the R-factor specified for piers is such that the anticipated 
inelastic capacity is significantly less than that of columns • 

The actual ductility demand on a column or pier is a complex function 
of a number of variablesll,2) including the earthquake characteristics, 
design force level, period of the bridge, shape of the inelastic hysteresis 
loop of the columns, elastic damping coefficient, contributions of foundation 
and bearing compliance to structural flexibility, and plastic hinge length of 
the column. The damage potential of a column is also related to the ratio of 
the duration of strong motion shaking to the natural period of the bridge. 
This ratio will be an indicator of the number of yield excursions, and hence 
of the cumulative ductility. There are some grounds for considering the 
cumulative ductility to be a more useful index than the peak ductility level; 
for example, 10 cycles at a curvature ductility factor of 8 might be more 
damaging than one yield excursion at a curvature ductility factor of 10 or 
12. However, there is little experimental evidence to support or contradict 
this view. 

Both Service Load and Load Factor methods of design are permitted 
although it is recommended that the Load Factor method of design be used 
since it is consistent with the ultimate load capacity concept used in 
determining the design force levels. An increase in allowable stresses of 
33-1/3% is permitted for Service Load design. This is consistent with the 
current AASHTO Interim Specifications. 

C8.2 SEISMIC PERFORMANCE CATEGORY A 

Consistent with the overall philosophy for bridges classified as 
SPC A, special seismic design requirements were eliminated because of the low 
level of seismic risk and the low probability that a column would be 
subjected to seismic forces that would cause yielding • 
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C8.3 SEISMIC PERFORMANCE CATEGORY B 

Bridges classified as SPC B have a reasonable probability of being 
subjected to sei8mic forces that will cause yielding of the columns. Thus it 
was deemed necessary that columns have some ductility capacity although it 
was recognized that the ductility demand will not be as great as for columns 
of bridges classified as SPC C and D. The most important requirement to 
ensure some level of ductility is the transverse reinforcement requirement 
specified.(l,2) This will prevent buckling of the longitudinal steel and 
provide confinement for the core of the column. The maximum spacing for the 
transverse reinforcement was increased to 6 in. (152 um) because of the 
anticipated lower ductility demand. 

C8.4 SEISMIC PERFORMANCE CATEGORIES C AND D 

The requirements of this chapter were primarily developed for bridges 
classified as SPC C and D and a discussion of the provisions follows. 

C8.4.1 OOL tMN REQUIREMENTS 

The definition ~of a column in this section is provided as a 
guideline to differentiate between the additional design requirements for a 
pier and for a column. This should be used as a guideline and, if a column 
or pier is above or below the recommended criterion, it can be considered 
either as a column or pier,, provided the appropriate R.-Factor of Sec. 3.6 and 
the appropriate requirements of either Sec. 8.4.1 or 8.4.2 are used. For 
columns with an H/d ratio less than 2-1/2, the forces resulting from plastic 
hinging will generally exceed the elastic design forces and consequently the 
forces of Sec. 4.8.2 would not be applicable. 

C8.4.1(A) Vertical Reinforcement 

This requirement is intended to apply for the full section of the 
columns. The lower limit on the column reinforcement reflects the 
traditional concern for the effect of time-dependent deformations as well as 
the desire to avoid a sizable difference between the flexural cracking and 
yield moments. The 6% maximum ratio is to avoid congestion and to permit 
anchorage of the longitudinal steel. If the effectiveness of higher 
percentages of reinforcement is substantiated by teat results, relaxation of 
this requirement could be considered; however, the PEP gave serious 
consideration to reducing the upper limit to 4% and recommends that a lower 
value be used when feasible. 

C8.4.l(B) Flexural Strength 

Section C4.4 indicates that bridges will be subjected to the 
simultaneous occurrence of ground motion in three orthogonal directions. 
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Thus columns are required to be designed biaxially and checked for both the 
minimum and maximum axial forces. For columns with a maximum axial stress 
exceeding 0.20f~ the strength reduction factor, $, is reduced to 0.50. 
A linear interpolation is to be used for the value of ~ (0.90) for pure 
flexure and the value at 0.20£~. This requirement was added because of 
the trend towards a reduction 1n ductility capacity as the axial load 
increases. Implicit in this requirement is the recommendation that design 
axial stresses be less than 0.20£~. Columns with axial stresses greater 
than this value are not prohibited but are designed for higher force levels 
(i.e., lower~ factor) in lieu of the lower ductility capacity • 

C8.4.1(C) Column Shear and Transverse Reinforcement 

The requirements of this section are to minimize the potential for 
a column shear failure.Cl,2) The design shear force is specified as either 
that capable of being developed by flexural yielding of the columns or the 
elastic design shear force. This requirement was added because of the 
potential for superstructure collapse if a column fails in shear. 

It should be noted that a column may yield in either the 
longitudinal or transverse direction and that the shear force corresponding 
to the maximum shear developed in either direction (for non-circular columns.) 
should be used for the determination of the tranverse reinforcement • 

The concrete contribution to shear capacity is undependable within 
the plastic hinge zone, particularly at low axial load·levels, because of 
full section cracking under load reversals. As a result, the concrete shear 
contribution must be neglected for axial load levels less than O.lOf~ Ag• 
It is probable that the use of vc • 0 for low load levels is overconservative; 
however, the test data available at present are too limited to evaluate a 
reasonable alternative. 

C8.4.1(D) Transverse Reinforcement for Confinement at Plastic Hinges 

The main function of the transverse reinforcement specified in · 
this section is to ensure that the axial load carried by the column after 
spalling of the concrete cover will at least equal t~e load carried before 
spalling and that buckling of the longitudinal reinforcement is 
prevented.(l,2) Thus the spacing of the confining reinforcement is also 
important. 

§. {~ 
Equation 2-3 of AASHTO Sec. 1.5.11 and Eq. 8-1 of these Guidelines 

are based on the arbitrary concept that, under axial compressive loading, the 
maximum capacity of the helically reinforced column (spiral column) before 
loss of cover concrete is equal to that with the cover concrete destroyed and 
the helical reinforcement stressed to its useful limit. The toughness of the 
spiral column under axial loading is not directly relevant to its typical 
role in earthquake-resistant structures where toughness or ductility is 
likely to be related to performance of the column under large reversals of 
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moment as well as axial load. Nonetheless, without implicit quantitative 
relationships between performance criteria interpreted in terms of the 
quality of the confined concrete and the amount of spiral reinforcement, 
there has been no comp~lling reason to modify Eq. 8-1 for earthquake
resistant construction other than by adding Eq. 8-2 which provides a varying 
lower bound to the amount of transverse reinforcement and tends to govern for 
columns with large cross-sectional areas. 

The confinement requirements for rectangular s~ctions of Eq. 8-3 
were developed from the requirements for spiral columns as follows. 

~ + HHHHr+H H+ Ht~ 
D 

FIGURE 41. CON FIN lNG PRESSURE PROVIDED BY A SPIRALLY 
REINFORCED COLUMN 

The confining force P provided by a spirally reinforced column, 
shown in Fig. 41, is 

where 

Therefore, 

P • rsD • 2Asfyh 

r • confining pressure 

s • spacing of the spiral reinforcement 

D = core diameter of the column 

A s 
• area of the spiral reinforcement 

fyh • yield strength of the spiral reinforcement. 

r • 
2A f h 8 y 

sD 
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The volumetric ratio Ps of spiral reinforcement is 

4TIDA 4A s s 
p a ------ 2 ---

S iTD2 s 

(CS-2) 

Ds 

Substituting Eq. CS-2 into Eq. CS-1, 

r 2 
(CS-3) 

Asfyh 

FIGURE 42. CONFINING PRESSURE PROVIDED BY A RECTANGULAR 
REINFORCED COLUMN 

The confining force provided by a rectangular column, shown in 

Fig. 42, is 

(CS-4) 

where a is the spacing of the hoop reinforcement, and he is the core 
dimension of the column for the direction under consideration; LAsfyh is 
the force resistance capability of the hoop reinforcement crossing the 
section under consideration. Therefore, 

r = (CS-5) 

Thus, if the two columns provide equal confining pressure, from Eq. CS-3 and 
Eq. cs-s 

~A = ah p /2 s c s 
(CS-6) 
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Then, by substituting Eq. 8-1 into Eq. CS-6, 

l:As = 0.225 ahc [t- 1] :~ • 
c yh 

(C8-7) 

The 0.225 coefficient for a rectangular column corresponds to the 
experimentally determined 0.45 coefficient of Eq. 8-1 for a spiral column. 
The PEP felt however, on the basis of a limited amount of experimental data , 
that a rectangular column was not as effective as a spiral column. So the 
coefficient for a rectangular column was increased from 0.225 to 0.30. 

Figures 43 and 44 will aid the designer in the use of Eq. 8-3. It 
should be noted that As, the total area of hoop reinforcement, should be 
determined for both principal axes of a rectangular column and the maximum 
value should be used. 

NOTE: 
AT SPLICES, CROSSTIES SHALL BE SUPPORTED OR 
SECURED TO PREVENT DISPLACEMENT DURING 
CONCRETE PLACEMENT . 

~ 
< 
a:: 
0 
1.1.. 

t 
en 
X 
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I >-x 

<.:> 
z 
(;; 
en 
0 a:: 
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.J f' . . 

he FOR AsH CROSSING X-X AXIS 

~TENSION SPLICE (CENTERED)-
y 
I 

I 

~ • ~ • 
.. 

-F= 

I J • n • 
y 

..., _ .. ~ 14" MAX.--+-
~ 

6" MAX. PER AASHTO 
WHERE ALTERNATE 
BARS ARE TIED. 

FIGURE 43. COLUMN TIE DETAILS 

130 

• • '· X 
< 
~ 

=o:r .. xl 
= 

• • 



• 

• 

• 

• 

• 

-. 

• 
. 
r .. • -· 

·' •.. 

•• 

• 

• 

d 

h 

COVER MAY BE 
REDUCED BY 1/2

11 

FOR ~OS OF 
SUPPLEMENTARY 
CROSSTIES • 

. , 
14'!MAX 

·-t 

SUPPLEMENTARY TIES 
ENGAGE HOOP, TIE 
SECURELY TO LONGIT. 
REINFORCEMENT. 

180° BENDS MAY BE 
MORE CONVENIENT FOR 
PLACEMENT THAN 
135° BENDS PERMITTED 
BY CODE • 

HOOPS AND SUPPLEMENTARY 
CROSSTIES CONTRI8UTE 
TO AsH AS REQUIRED BY 
FORMULAS (8·3AND 8·4.) 

"J'' BARS MAY BE USED --it-+--1-- IF COLUMN SIZE PERMITS 
DEVELOPMENT OF TENSION 
SPLICE. WIRE TOGETHER AT 
ENDS 

6 11 MAX. PER AASHTO 
WHERE ALTERNATE BARS 
ARE TIED • 

FIGURE 44. COLUMN TIE DETAILS 

Loss of concrete cover in the plastic hinge zone, as a result of 
spalling, requires careful detailing of the confining steel. It is clearly 
inadequate simply to lap the spiral reinforcement. If the concrete cover is 
going to spall, the spiral will be able to unwind. Therefore under these 
conditions full strength lap welds are required. Similarly, rectangular 
hoops must be adequately anchored by bending ends back into the core. Thus 
the requirement of at least a 1350 bend with an extension of at least 10 
tie bar diameters back into the core, or an equivalent welded anchorage, was 
specified • 
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C8.4.1CF) Snlices 

In constr ucti on it is desirable to lap longitudinal reinforcement 
with starter bars or dowels at the column base. This is undesirable for 
seismic performance on two counts; first, the splice occurs in a potential 
plastic hinge region where requirements for bond will be extremely severe.(l) 
This appears to have been the main cause of failure of one of the bridges of 
the Golden-St~te-Footh ills freeway interchange in the 1971 San Fernando 
earthquake.<3J Second , lapping the main reinforcement will tend to 
concentrate plastic deformation close to the base and reduce the effective 
plastic hinge length as a result of stiffening of the column over the lapping 
region. This may result in a very severe local curvature demand. Testing of 
this common constructi on detail is urgently required. 

C8.4.2 PIER REQUIREMENTS 

The requirements of this section are based on limited data on the 
behavior of piers in t he inelastic range. Consequently, the R-Factor of 2 
for piers is based on t he· assumption of min~al inelastic behavior. 

It is required that the vertical reinforcement ratio be equal to 
or in excess of the horizontal reinforcement ratio in order to avoid the 
possibility of having i nadequate web reinforcement in piers which are short 
in comparison to their height. Splices are staggered -in an effort to avoid 
weak sections. The r equirement for a min~um of two layers of reinforcement 
in walls carrying substantial design shears is based on the premise that two 
curtains of reinforcement will tend to "basket" · the concrete and retain the 
integrity of the wall after cracking of the concrete. Also, under typical 
construction conditions, the likelihood of maintaining the location of a 
single layer of reinforcement near the middle of the pier is low. 

C8.4.3 COLUMN CONNECTIONS 

The integrity of the column connection is ~portant if the columns 
are to develop their f lexural capacity. First, the longit udinal reinforcement 
must be capable of developing its overstrength capacity of 1.25fy• Second, 
the transverse confining reinforcement of the column must be continued a 
sufficient distance i nto the joint to avoid a plane of weakness at the 
interface. 

For column connections in a column cap an evaluation of existing 
and new data on the strength of joints subjected to moment reversals has 
indicated that the strength of the joint is relatively insensitive to the 
amount of transverse re i nforcement,_provided there is a min~um amount, and 
that a limiting shear stress of 12/f~ for unconfirted joints may be used 
for normal-weight aggregate concrete. The allowable stress for joints made 
with lightweight aggregate concrete has been based on the observation that 
shear transfer in such concrete has been measured to be approx~ately 75% of 
that in normal-weight aggregate concrete. 
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C8.4.4 CONSTRUCTION JOINTS IN PIERS AND COLUMNS 

This section requires that construction joints be designed and 
constructed to resist seismic design forces at the joint. Equat ion 8-6 i s 
based on Eq. 11-30 of ACI 318-73 but is restated to reflect dowel action and 
frictional resistance. 
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APPENDIX A 

WORKED EXAMPLE USING THE GUIDELINES 

This example is intended to illustrate the application of the 
guidelines. Each section of the Guidelines that applies is identified by a 
corresponding number in the example which is prefixed by the letter "A" for 
easy reference and identification. Comments are also included to assist in 
interpretation of the Guidelines and to clarify assumptions made relative to 
the structure idealization • 

The state-of-the-art in seismic design of bridges has not yet 
progressed to the point where exact solutions are available. The number of 
significant figures used in the following example should not be interpreted 
as an exact theoretical answer or infer that the same number of significant 
figures be used in design. They are used to avoid confusion in the use of 
the Guidelines and also to provide comparative numbers for designers who 
choose to compare results using analytical techniques and algorithms 
available to them. 

The bridge selected for the example is a three-span continuous .box 
girder structure with d~ensions and member properties as shown in Fig. A-1. 
Coordinate systems chosen for the overall structure and the columns are also 
shown in the figure. The coordinate axes for the individual superstructure 
members have directions corresponding to the overall structure ~oordinate 
system. The modulus of elasticity is assumed to be 3,000,000 psi.- The 
bridge is assumed to be located in the highest seismic map area with an 
Acceleration Coefficient (A) of 0.40. Other assumptions pertinent to the 
example are identified in each of the appropriate sections. 

A3.1 APPLICABILITY OF GUIDELINES 

The three-span continuous box girder bridge having the alignment, 
dimensions, and member articulations shown in Fig. A-1, is within the range 
of applicability intended by the Guidelines • 

A3.2 ACCELERATION COEFFICIENT 

The bridge is assumed to be located within the 0.40 contour in Fig. 3 
and for the purposes of this example will have an Acceleration Coefficient 
(A) equal to 0.40 • 

A3.3 IMPORTANCE CLASSIFICATION 

Assume for the purposes of this example that the bridge is essential 
in terms of Social/Survival and Security/Defense requirements and is 
therefore assigned an Importance Classification (IC) of I • 
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SUPERSTRUCTURE 
L = 376ft. 
Ax= 123 ft .2 

lx = 117 ft .4 
ly = 65550 ft.4 
lz = 527 ft.4 
f 'c = 3250 psi 

Ec = 3 ,000,000 psi 
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Note: Global coordinate axes IX, Y. Zl 

for the structure do not have to 
coincide with the local coordinate 
axes IX ', Y', Z' ) for the bends . 
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FIGURE A-1. DIMENSIONS OF EXAMPLE BRIDGE 
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SUBSTRUCTURE 

H = 25ft. 
A = 13ft.2 
lx = 26 ft.4 

ly = 13ft.4 
lz = 13 ft.4 

f'c = 3250 psi 

Ec = 3,000,000 psi 
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A3.4 SEISMIC PERFORMANCE CATEGORY 

For A > 0.29 and an IC equal to I, the Seismic Performance Category 
(SPC) is D as shown in Table 1 of the Guidelines • 

A3.5 SITE EFFECTS 

A Soil Profile Type II is assumed for the site which yields a Soil 
Profile Coefficient (S) of 1.2 as obtained from Table 2. Note that this Soil 
Profile is also used if infonDation is not available on the soil properties 
and profile • 

A3.6 RESPONSE MODIFICATION FACTOR 

Substructure - The multiple column bent has a Response Modification 
Factor (R) of 5 for both orthogonal axes of the columns as shown in Table 3 • 

Connections - From Table 3 the R-Factor for the superstructure to 
abubnent connection is 0.8. An R-Factor of 1.0 for the connection at the 
column to bent cap (i.e., at the superstructure soffit) and at the column to 
foundation are also given. For bridges classified as SPC D, however, the 
recommended design forces for connections are those corresponding to the 
maxUnum force capable of being developed by column hinging as described in 
Sec. 4.8.5(C); and these R-Factors are not used. 

A4 .1 GENERAL 

The requirements of Chapter 4 shall control the selection of the 
seismic analysis and design procedures • 

A4.2 ANALYSIS PROCEDURE 

The struct~re geometry and related stiffness variation falls within 
the range defined for a "regular bridge". As shown in Table 4 for a regular 
bridge with 2 or more spans classified as SPC D, Method 1 (Single Mode 
Spectral Method) is specified as the minimum required analysis procedure. 

A4.3 DETERMINATION OF ELASTIC FORCES AND DISPLACEMENTS 

Earthquake motions shall be directed along the longitudinal and 
transverse axes of the bridge. These are the global X and Z axes 
respectively, shown in Fig. A-1. Note that for other bridges the local Y' 
and Z' axes of the columns are not necessarily required to coincide . with the 
longitudinal and transverse axes of the bridge. For a straight bridge with 
no skewed columns, piers or abubnents, it is recommended, for simplicity of 

137 



calculations, that the local Y' axis of the column or pier coincide with the 
longitud i nal axis of the bridge as shown in this example. 

Calculation of sei~ic forces resulting from the two earthquake 
motions is given in Sec. A5.3. 

A4.4 COMBINATION OF ORTHOGONAL SEISMIC FORCES 

Load Case 1 consists of 100% of forces from the longitudinal motion 
plus 30% of forces from the transverse motion. 

Load Case 2 has 100% _of forces from the transverse motion and 30% of 
forces from the longitudinal motion. 

See Table A-4 for the combined forces and Sec. C4.4 of the Commentary 
for a more detailed description. 

A5.3 SINGLE MODE SPECTRAL ANALYSIS METHOD--PROCEDURE 1 

Longitudinal Earthquake Loading 

STEP 1: Neglecting axial deformation in the deck and assuming that 
the deck behaves as a rigid member, the bridge may be idealized as shown in 
Fig. A-2. Note that the bridge is idealized so that the abubment does not 
contribute to the longitudinal stiffness. This was done for purposes of 
simplicity and in this case the resulting forces on the substructure are more 
conservative. To include the abutment stiffness see Sec. C5.4.2. 

---

FIGURE A-2. STRUCTURAL IDEALIZATION AND APPLICATION OF ASSUMED 
UNIFORM LOADING FOR LONGITUDINAL MODE OF VIBRATION 

Applying the assumed uniform longitudinal loading yields a constant 
displacement (i.e., v8 (x)=vs) along the bridge. Assuming that the columns 
alone resist the longitudinal motion, the displacement is obtained by using a 
column stiffness of 12 EI/H3 in the longitudinal direction. Using the 
column properties included in Fig. A-1, the stiffness for Bents 2 and 3, 
denoted in Fig. A-2 as k1 and k2, respectively, are calculated as: 
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which yields a displacement of: 

p L 
0 lx376 

v ·-· s kl+k2 2x12940 • 0.0145 ft 

STEP 2: Assuming a weight density of the superstructure at 165 lb/ft3, 
yields a dead weight per unit length of superstructure of: w(x) • 0.165 Ax • 
0.165(123) • 20.3 kips/ft. Note that this weight density is higher than 
plain concrete to include the weight of the upper half of the columns, the 
embedded column cap and intermediate diaphragms. The a, e, and Y factors are 
then calculated by evaluating the integrals in Eqs. 5-5, 5-6 and 5-7. For 
this case, both the dead weight per unit length of the superstructure, w(x), 
and the displacement, vs(x), are constant thus simplifying the integration 
and yielding: 

Abut. 4 
a • f 

Abut. 1 

2 
v (x)dx • v L • O.Ol4Sx376 • 5.46 ft s s . 

(See Fig. A-1 for location of abutments.) 

Abut. 4 
8 • f w(x)v . (x)dx • wv L • 20.3xO.Ol45x376 • 110.9 kip-ft 

Abut. 1 s · s 

Abut. 4 2 2._ 2 
Y • · f w(x)v (x) dx • wv 1. • 20.3x(.0145) x376 • 1.61 kip-ft

2 

Abut. 1 s s . 

STEP 3: Calculate the period, T, using Eq. S-8 • 

T ~ 2rr~ Y = poga 

=- 0.60 sec • 

1 
2 

2 [ 1.61 J 
rr l.Ox32.2x5.46 

STEP 4: 
from Eq. 5-l. 

The elastic seismic response coefficient, Cs, is obtained 
Substituting for A, S and T yields: 
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Since the seismic response coefficient does not exceed 2.5A (2.5x0.4 • 1.0), 
use C8 z 0.81. The intensity of the seismic loading expressed by Eq. 5-9 
is therefore: 

~C w(x)v (x) 
P (x) .. 

e 
s s 

y 

.. ...;;;1..;;;.1 0;;...';..:;9...;;x;.;;.O..;... 8~1~x;;;;270-:-;. 3;..:;x.;.;:O...;; • ..;;;.0 ;:;..14~5 
1.61 

= 16 .45 kips/ft 

STEP 5: Apply the equivalent static loading as shown in Fig. A-3. 
The displacement of 0.239 ft and member forces for the longitudinal 
earthquake loading which are tabulated in Table A-1 are obtained as follows: 

P (x)•L 
v .. ~e--:-- .. 16.45 x 376 • 0 •239 ft 

S k1 + k2 2 X 12960 

16.45 X 376 Vy 1-Shear per Column • 6 • 1030 kips 

MZ'Z'-Moment per Column • 1030 x 12.5 • 12900 kip-ft 

Note that for this bridge Vz' and My'y' are, .. zero for the longitudinal 
earthquake motion. 

-
Vs =.239' 

Pe (x) = 16.45 kipslftl r 
----I ,, 

h 
I 

FIGURE A-3. DISPLACEMENTS AND SEISMIC LOADING INTENSITY FOR 
LONGITUDINAL LOADING 

Transverse Earthquake Loading 

STEP 1: Apply an assumed uniform transverse loading of 1 kip/ft to 
the bridge as shown in Fig. A-4. The resulting transverse displacements, 
Vs(x), are tabulated at the span 1/4 points and shown in Table A-2. A 
computer program with space frame analysis capability was used for this 
portion of the example problem. Conventional methods of analyses can be used 
if . desired. The transverse abutment stiffness may be included by using the 
approach outlined in Sec. C5.4.2. 
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!ABLE A-1: ELASTIC AND MODIFIED FORCES DUE TO LONGITUDINAL 
EARTHQUAKE MOTION 

. ' i! 

LONGITUDINAL EARTHQUAKE 
MOTION 

Vy• Mz•z• Vz• My•y• 
Long it. Longit. Trans. Trans • 

Shear Moment Shear Moment 
Location (kips) (kip-ft) (kips) (kip-ft) 

Abutment 1 0 0 0 0 

Bent 2 1030 12900 0 0 
(per column) (2580)(2) 

Bent 3 1030 . 12900 0 0 
(per column) (2580) 

Abutment 4 0 0 0 0 

Px• 
Axial 
Force 

(kips) 

106(3) 

110 

115 

92 

(1) The local Y' and Z' axes of a column or pier do not necessarily have to 
coincide with the longitudinal and transverse axes of the bridge. 
However for a straight bridge with no skewed piers, columns or abutments 
it is recommended, for simplicity of calculations, that the local Y' 
axis of the column or pier does coincide with the longitudinal axis of 
the bridge as shown in this example. 

(2) Reduced design earthquake forces as described in Sec. 4.8.1, for an 
R-Factor of 5. Note that shear and axial forces are excluded from 
reduction. 

(3) Th·e elastic axial forces at the abutments and bents are determined for 
the loading condition shown in Fig. A-3 using the moment distribution 
method and considering the flexibility of the superstructure. 
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FIGURE A-4. PLAN VIEW OF THREE SPAN BRIDGE SUBJECTED 
TO ASSUMED TRANSVERSE LOADING 

X .... 

STEP 2: Calculate the a , e, and Y factors by evaluating the integrals 
numerically in Eqs. 5-5, 5-6 and 5-7, respectively. 

Abut. 4 
a • f v (x)dx • 1.21 ft 2 

Abut. 1 s 

Abut. 4 e • f w(x)vs (x)dx • 24.5 kip-ft 
Abut. 1 

Abut. 4 2 2 Y • f w(x)v (x) dx • 0.096 kip-ft 
Abut. 1 s 

STEP 3: Calculate the period, T, using Eq. 5-8. 

1 

r. 0.096 ]
2 

2nl1.0(32.2)(1.21) • 0.314 sec. 

STEP 4: The elastic r esponse coefficient, Cs, is obtained from 
Eq. 5-1. Substituting for A, S and T yields: 

C 1 2 AS 1. 2x0.4x1.2 • 1•24 
s • • T2/3 • (0.314)2/3 
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This is greater than 2.SA, therefore use Cs • 1.0 as described in Sec. 5.2.1. 
The intensity of seismic loading, Pe(x), is calculated using Eq. 5-9. 
Substituting for a, Cs, w(x) and Y yields: 

C w(x)v (x) 
p e ( x) • _..;..s --=y-=--_s __ 

24.5xl.Ox20.3 ( ) 
• 0.096 VS X 

• 5157 v (x) kips/ft 2 
s 

Using this expression, the load intensity at the span 1/4 points is computed 
and tabulated as shown in Table A-2. 

STEP 5: Applying the equivalent static loading as shown in Fig. A-5 
yields the member end forces due to the transverse earthquake loading shown 
in Table A-3. The member forces and displacements in this example were 
obtained using a computer program with space frame analysis capabilities. 
Conventional methods of analyses can be used if desired. Note that 
longitudinal moments and shears, (Mz•z• and Vy•), were generated by the 
transverse earthquake because of the eccentricity of the outer columns with 
respect to the longitudinal axis of the superstructure • 

---
:.• 

' ' 

Pe(x)= 5157 .. Vs(x) 

FIGURE A-5. PLAN VIEW OF THREE SPAN BRIDGE SUBJECTED TO 
EQUIVALENT STATIC SEISMIC LOADING 
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TABLE A-2: DISPLACEMENTS AND SEISMIC LOADING 
I~~NSITY FOR TRANSVERSE LOADING 

Displacements Due to Seismic Loading 
Uniform Transverse Loading 

v8 (x) 
Location (ft) 

Abutment 1 0.0 

Span 1 - 1/4 0.00129 

Span 1 - 1/2 0.00248 

Span 1 - 3/4 0.00348 

Bent 2 0.00425 

Span 2 - 1/4 0.00476 

Span 2 - 1/2 0.00498 

Span 2 - 3/4 0.00490 

Bent 3 0.00453 

Span 3 - 1/4 0.0038 

Span 3 - 1/2 0.00275 

Span 3 - 3/4 0.00145 

Abutment 4 o.o 

a= [v8 (x)dx = 1.21 ft
2 

S = Jw(x)v 
5 

(x)dx = 24.5 kip-ft 

Y = [w(x)v (x) 2dx = 0.0965 kip-ft
2 

s 

T = 0.314 sec. 

p (x) = 5157 v (x) kips/ft 
e s 
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Intensity 
Pe(x) 

(kips/ ft) 

o.o 

6.66 

12.77 

17.94 

21.91 

24.54 

25.69 

25.28 

23.37 

19.58 

14.18 

7.47 

o.o 
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Location 

Abutment 1* 

Bent 2 
(per column) 

Bent 3* 
(per column) 

Abutment 4 

TABLE A-3: ELASTIC AND MODIFIED FORCES DUE TO 
TRANSVERSE EARTHQUAKE MOTION 

~ 
TRANSVERSE 
EARTHQUAKE 

MOTION 

t 

Vy• 
Longit. 

Shear 
(kips) 

0 

74 

59 

0 

COLUMN SECTION 

Mz•z• Vz• My•y• 
Longit. Trans. Trans. 
Moment Shear Moment 

(kip-ft) (kips) (kip-ft) 

0 1826 0 
(2283)** 

887 396 4757 
077) (951) 

707 424 5089 
(141) (1018) 

0 1892 0 
(2365) 

*use larger forces at Abutment 1 and Bent 3 for design. 

Px• 
Axial 
Force 

(kips) 

0 

205 

219 

0 

**Reduced design earthquake forces described in Sec. 4.8.1, for an R-Factor 
of 0.8 at the abutment and 5 for the columns. Note that the column shear 
and axial forces are not reduced • 

The transverse deck displacements are: 

Bent 2 0.086 ft 

Center Span 2 0.102 ft 

Bent 3 0.092 ft 
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A4. 8 DESIGN FORCES FOR SEISMIC PERFORMANCE CATEGORIES C AND D 

There are two sets of f orces to be determined for ductile members 
capable of forming plasti_c hinges. The first set determined for the 
preliminary design of the columns is described in Sec. 4.8.1 and entitled 
''Modified' Design Forces". The second set is used to refine further the 
design of the column and the various components connected to the columns as 
described in Sec. 4.8.2 entitled "Forces Resulting from Plastic Hinging in 
the Columns, Piers or Bents". 

A4.8.1 MODIFIED DESIGN FORCES 

These forces shall be determined in the same way as for Seismic 
Performance Category B with the exception of the treatment of axial forces, 
thus reference is made to Sec. 4.8.1. 

A4.7.1 DESIGN FORCES FOR STRUCTURAL MEMBERS AND CONNECTIONS 

The structural members and connections specified in Sec. 4.8.1 
which are applicable to this example are the column members and the abutment 
shear keys. For design purposes the largest shear ~nd . bending forces, which 
occur at Abutment 1 and Bent 3 as determined from the analyses, were used for 
each of the load cases tabulated in Table A-4. Member dead load forces are 
shown in Table A-5 for the critical col~ in Bent 3 and Abutment 1. 

TABLE A-4: MAXIMUM SEISMIC FORCES AND MOMENTS 
FOR LOAD CASES 1 AND 2 

Canponent 

Abutments 
Vz-Shear 
P:x-Axial Force 

Bents 
----vy;--shear 

Mz • z •-Moment 
Px•-Axial Force 
Vz•-Shear 
My•y•-Manent 

Load Case 1 
(1.0 Long. + 0.3 Trans.) 

685 kips 
+106 kips* 

(1030+18) = 1048 kips 
(2580+42) • 2622 kip-ft 
+(115+66) • +181 kips 
- (0+127) • 127 kips 

(0+305) - 305 kip-ft 

Load Case 2 
(1.0 Trans. + 0.3 Long.) 

2283 kips 
+32 kips 

(59+309) c 368 kips 
(141+774) K 915 kip-ft 
+(219+35) • ~254 kips 

(424+0) • 424 kips 
(1018+0) • 1018 kip-ft 

*The axial (i.e., vertical) forces shown are for Abutment 1 and Bent 3 and 
were determined using the moment distribution method as previously stated. 
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TABLE A-5: DEAD LOAD FORCES 

Component Column (Bent 3) Abutment 1 

Vyr-Shear 69 kips 0 

Mz• z•-Moment 1170 kip-ft 0 

Pxr-Axial Force 960 kips 624 

Vz•-Shear 0 0 

Myryr-Moment 0 0 

Assume that the earth pressure, buoyancy and stream flow are equal to zero. 
Using Eq. 4-1, the dead load forces tabulated in Table A-5, and the maximum 
seismic forces, the modified design forces are computed as follows: 

Modified Design Forces - Column 

By inspection Load Case 1 controls: 

• 1.0(D+B+SF+E+EQM) 

• 1.0(69+1048) • 1117 kips 

MZ'Z'-Moment • 1.0(1170+2622) • 3792 kip-ft 

Px,-.Axial 

VZ,-Shear 

• 1.0(960!181) • 779 or 1141 kips 

• 1.0(127+0) • 127 kips 

Myry ,-Moment • 1.0(305+0) • 305 kips 

Thus for a circular column, the modified design moment is: 

M • "MZ'Z'
2 

+ Myryr
2 

• 3804 kip-ft. 

Modified Design Forces - Abutment 

By inspection Load Case 2 controls: 

VZ,-Shear • l . O(D+B+SF+E+EQM) 

~ 1.0(0+2283) • 2283 kips • 
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Thus the shear keys at the abutment must resist a modified design transverse 
shear force of 2283 kips . After the modified design forces are calculated 
the preliminary design of the column, as described in Chapter 8 of the 
Guidelines, can proceed . 

A8.4 SEISMIC PERFORMANCE CATEGORIES C AND D 

AS .4.1 COLUMN REQUIREMENTS 

A column is defined by a ratio of the clear height to maximum plan 
dimension equal to or great er than 2-1/2. For this example, the vertical 
support has a clear height of approximately 22 ft and a width of 4.0 ft 
yielding a ratio of 5.5 and thus is classified as a column. 

A8.4 .l(A) Vertical Re i nforcement 

The verti cal reinforcement shall not be less than 0.01 or more 
t han 0.06 times the gross area . A ratio not exceeding 0.04 is recommended to 
minimize placing and congestion problems at splices. 

AS .4.1(B) Flexural Strength 

The modi fied design forces determined in Sec. 4.8.1 are used 
for the preliminary column design. Considering both the minimum and maximum 
axial loads the des ign loads are: 

P-779 kips, M•3804 kip-ft 

P• ll41 kips , M•3804 kip-ft 

~ Them~· "cation of moment due to slenderness effects is specified 
,( . Sec. .5.34 ) for compression members not braced against sidesway. 

&....- {~ specif1e the effects of slenderness may be neglected when kR.lJ/r is 
22. For these columns, kR.lJ/r is slightly greater than 22 and thus 
slenderness should theor etically be considered. For the purpose of 
simplicity, however, it has been ignored in this example problem. 

in AASHTO 
As 

less than 

Using the appropriate strength reduction factors and the 
design loads given above, the column design requires 50 Ill bars of 
reinforcing steel. This yields a reinforcement ratio of 0.043 for t he 
longitudinal reinforcement wh ich i s within the specified l imits . A column 
ultimate capacity interaction diagr am along with the reduced des i gn capaci t y 
curve is shown in Fig. A-6. The controlling design moment of 3804 kip- ft and 
axial load are also shown plot ted i n the figure. The darkened vertica l bar 
indicates the range of axial loads . 
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A4.8.2 FORCES RESULTING FROM PLASTIC HINGES IN COLUMNS, PIERS OR BENTS 

Using the preliminary design of the column, the forces resulting 
from plastic hinging may be calculated • 

Bents With Two or More Columns 

The forces resulting from plastic' hinging in the plane of the 
bent are calculated using the procedures outlined in Table A-6. The column 
overstrength plastic moment capacity is included on the interaction diagram 
shown in Fig. A-6 • 

Ill Tot. SO 

Cl. 

7 Spiral @13 1/t 
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I. 

Step 

t.aft 

7800 

3 

4 7600 

s 

TABLE A-6: CALCULATION OF FORCES RESULTING FROM 
PLASTIC HINGING IN COLUMNS (4.8.2B) 

CENTER OF MASS 

35 ' . 35' 

~ Col.- Sheer forcee Colu.n AKial force• 
p- (kipe) (kipe) % Difference* 

enter aiaht t.eft Center Riaht Total p t.eft C...ter al.aht 

7800 7800 960 960 960 

709 709 709 2127 

425 535 960 1385 

7800 7900 691 709 718 2118 

424 536 960 1384 0.2 

*Kaxia~a ehear force for the bent ll\llt be within 10% of prnioue Yelue •• cleecribed in 
Section 4.8.2. 
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A4.8.3 

A8.4.1(C) 

COLUMN AND PILE BENT DESIGN FORCES 

Moment: 3804 kip ft 

Axial Force: 

Elastic 
Plastic Hinging 

Shear: 

Elastic 
Plastic Hinging 

960+181 kips 
960~424 kips 

~10482 + 1272 • 1056 kips 
718 kips 

Column Shear and Transverse Reinforcement 

The factored (i.e., plastic hinging) design shear force, Vu, 
obtained in Sec. A4.8.3 is 718 kips. Using the strength reduction factor for 
shear specified in Sec. ~t'JO of AASHTO and Eq. 6-20 of Sec. 1.5.35 the 
factored shear stress for a ci-rcular column is €L.:k, 8 ./~ J=, 

718 
0.85x48x43 = 409 psi 

The shear stress carried by the concrete outside the column end regions is 
(see AASHTO Sec. 1.5.35(B)). 

8./(,, {:, ......... 

v • 2 r;' • 114 psi 
c "tc 

8,SiJ B,fb,~.3 
Using Eq. 6-24 of AASHTO Sec. 1.5.35(C) and the values calculated above for 
the factored shear stress and the shear stress carried by concrete, the total 
shear reinforcement Av is 

(vu- vc) (409 - 114) 
A ,.. f'y bw S ,.. 48 x 3.5 v 60,000 

= 0.83 in2 total area required 

0.83 . 2 0 41 . 2 1 or - 2- 1.n = • 1.n per eg 

Therefore, a ~6 spiral at 3-1/2 in. pitch should be used outside the column 
end region • 
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Column End Region 

The dimensions of the column end region are given by the 
larger of: 

1. Maximum cross-section dimension, d=4.0 ft 
2. One- si xth of clear height, 22/6=3.67 ft 
3. Ei ghteen inches 

The column cross-section dimension of ' 4.0 ft is the largest 
and should be u sed as the length of the top .and bottom end regions. If the 
minimum axial compression stress is less than O.lf~ then the concrete 
shear resistance in t he end regions shall be neglected. Since 

. . . 1 536 296 . MLn~um axLa stress = 12 •57x144 • psL 

and 
I 

O.lfc = 325 ps i > 296 psi, 

the shear stress t aken by the concrete is assumed to be · zero. This will 
yield shear reinforcement, Av, in the end areas of: 

or 

v 
A = ...2:b S == 

6 
394 x 48x3.5 • 1.1 in. 2 ·total area required. 

v fy w o,ooo 

1.1 . 2 
2 Ln. = 0. 55 in. 2 per leg 

Thus, a #7 spiral wi t h a 3-1/2 in. pitch in the 4 ft-0 in. end regions at top 
and bottom of columns should be used. 

A.8.4.l(D) Transverse Reinforcement for Confinement at Plastic Hinges 

a) The volumetric ratio of spiral reinforcement is the 
greater value given by Eq. 8-1 or Eq. 8-2. Therefore, 

0.45 (~ - 1) 
f' c p = 
fyh s 

= 0.45 e~: ~; _ 1) 3250 = 0.0075 60,000 

or 

f' 
0.12x3250 c .. 0.0065 p = 0.12-f- = s 60,000 yh 
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given by: 

A sp 

The cross-sectional area of a spiral at 3-1/2 in. pitch is 

pssds 0.0075x3.5x41.25 2 
"' --4- '"' --.---..;....;.....;....;....4:-------- • 0. 270 in. 

Since this is less than the shear reinforcement, there is no additional 
requirement for confinement at the plastic hinges; thus use #7 spiral at 
3-1/2 in. in the 4 ft-0 in. end regions and #6 spiral at 3-1/2 in. throughout 
the remaining center portion of the column • 

A4.8.5 CONNECTION DESIGN FORCES 

A4.8 .5(B) Hold-Down Forces at Abutments 

Hold-down devices are required if the upward reacti on due to 
longitudinal seismic forces exceeds 50% of the dead load reaction. The 
following calculations show that hold-down devices are not required. 

Abutment 1 

O. SDL '"' 0.5 x 624 '"' 312 kips 

312 > 106 None Required 

Abutment 4 

0.5 x 701 • 350 kips 

350 > 92 None Required 

A4.8.5(C) Column and Pier Connection Design Forces 

The following design forces which result from plastic hinging 
shall be used to design the column connections at the bent cap and the column 
footings • 

Min Axial 536 kips 
Shear 691 kips 
Moment 7600 kip-ft 

Max Axial 1384 kips 
Shear 718 kips 
Moment 7900 kip-ft 
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A4.8.6 FOUNDATION DESIGN FORCES 

The following design forces which result from plastic hinging 
shall be used to design the foundations. Foundation dead load should be 
added to these forces. 

Min Axial* 536 kips 
Shear 691 kips 
Moment 7600 kip-ft 

Max Axial* 1384 kips 
Shear 718 kips 
Moment 7900 kip-ft 

A4.8.7 ABUTMENT AND RETAINING WALL DESIGN FORCE 

The design forces at the abutment are: 

Axial-bearings 701+92 • 793 kips ,. 

Shear-keys • 2283 kips 

A4.9 DESIGN DISPLACEMENTS 

A4.9.3 SEISMIC PERFORMANCE CATEGORIES C AND D 

The longitudinal displacement at the abutment due to the 
longitudinal earthquake loading was calculated in Step 5 of Sec. A.5.3 and is 

N • 0.239 ft • 2.9 in. 

The minimum support length at the abutment bearing seat is calculated from 
Eq. 4-4 as follows: 

N E 12+0.03L + O.l2H 

• 12 + 0.03 X 376 + 0.12 X 25 

• 26 in. 

Thus the support length at the abutments shall be 26 in. 

*The foundation dead load should be added to these forces. 
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APPENDIX B 

SUMMARY OF REDESIGNS 

Bl INTRODUCTION 

The redesign phase of the project consisted of using the third draft 
of the Guidelines to redesign existing bridges seismically. Five state 
highway departments (California, Idaho, New York, Oklahoma, and Washington) 
and four consulting firms (De Leuw Cather, Inc. ~f San Francisco; Howard, 
Needles, Tammen and Bergendorff of Milwaukee; Modjeski and Masters of 
Pennsylvania and Moffat and Nichol of Long Beach) participated in the 
redesigns. A total of 21 bridges were seismically .redesigned using the third 
draft of the Guidelines. All bridge loadings remained the same for the 
redesigns except for the seismic loads. Each state redesigned its bridges 
for Acceleration Coefficients and Seismic Performance Categories applicable 
to that state. The consultants redesigned their bridges for four different 
Acceleration Coefficients (0.10, 0.20, 0.30 and 0.40) and three different 
Seismic Performance Categories (B, C and D). A brief description of the 
bridges and a brief summary of the redesigns are presented in Table Bl. A 
more detailed description and summary of the results for the bridges 
redesigned by the consultants are given in Tables B2 through B7. Results 
for those bridges redesigned by the states are described in Sec. B4 • 

B2 CHANGES TO THE THIRD DRAFT OF THE GUIDELINES 
RESULTING FROM THE REDESIGNS 

2 and 3 in 
Sec. 4. 2 • 
method of 

The method did not require calculation of the period of the 
bridge. In effect, the method was designed to specify a lateral (i.e., 
longitudinal or transverse) force equal to some fraction of the bridge 
weight. The bridge, or bridge section, was designed to resist a lateral 
seismic load, WL, applied through the center of mass of the superstructure. 

For the analysis, the structural idealization consisted of 
the entire structure or the structure subdivided into sections in a manner 
analogous to that used to analyze the bridge for lateral wind loadings. When 
the idealization consisted of the entire structure, the seismic load was 
distributed according to the distribution of the structure mass. When 
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subdividing· the s.tip'erstructure into sections at each bent, the superstructure 
lateral load was ·apportioned to each section in accordance with the 
superstructure vertical dead load reaction at the bent or the dead load from 
tributary areas ·:acUacent to the bent. The seismic load, w1 , was given by: 

• 1,_!' 

where 

(6-1) 

)'!· ,J ..... 

· Wr. "' . total lateral load in kips/ft applied along the center 
of mass of the superstructure, 

~s • 2~5A, .. 
' I 

·W a the gravity load of the bridge in kips/ft. W shall be taken 
, equal to the weight of the superstructure of the bridge and 
applicable portions of other components. . . 

Most redesigns performed with this method resulted in 
conservative design values especially in the longitudinal direction. The 
ease of using the method in areas where engineers were not familiar with 
seismic design was . considerably offset by the significant increase in costs 
that resulted from .its inherent con~ervatism. Consequently the PEP 
recommended that the method not be included in the Guidelines. The analysis 
methods referred tp in . Tables Bl to B7 are the three methods used in the 
third draft. of the Guidelines (i.e., Method 1 is as outlined, and Methods 2 
and 3 which are Proce~ures 1 and 2 of Sec. 4.2 in the final Guidelines). 

(2) The third draft of the Guidelines specified a minimum gap 
(N') requirement at all discontinuous segments of a bridge. The requirement 
N' equals N/4 - the minimum seat width requirement given by Eqs. 4-3 and 
4-4. The purpose·''of this proposed requirement was to minimize damage due to 
impaet at these joints. In a~ost all redesigns this proved to be a very 
expensive requirement and the PEP assessed that the cost/benefit ratio was 
not sufficient . to .justify retaining the requirement. . . '·. 

(3) The third draft of the Guidelines required that foundations 
for bridges classified as SPC B be designed for the · elastic forces. This was 
included so that a designer would not have tQ calculate the forces resulting 
from plastic hinging. This proved to be a costly requirement and the 
foundation forces for bridges classified as SPC B were reduced to twice the 
column design force • 

. (4) · The • third draft of the Guidelines included a proVl.non for 
the use of ultimate capacities of both soils and piles with the specified 
foundation design ~orces. This was not used in all redesigns and as a result 
the provisio~ was given more emphasis in the Guidelines. 

(5) Uplift of the foundations was not permitted in the third 
draft of the .Guidelines. This decision was reassessed in light of the large 
increases · in foundation costs. Uplift with certain limitations is now 
permitted. ' · 
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(6} The third draft of the Guidelines had only one provision for 
bridges classified as SPC A, that of min~um support lengths. It was thought 
that designing for wind would be sufficient to cover the seismic design of 
connections. As part of the consultants' redesign effort, wind design forces 
were compared with seismic design forces for Acceleration Coefficients of 
0.05 and 0.10. It was found in most instances that the seismic design forces 
were great er than the wind forces and consequently the requirement in See. 4.6 
was added. 

(7} The R-Factor for multiple column bents has been decreased to 
5 from the value of 6 given in the third draft. This change will not have a 
significant cost ~pact although its ~pact was not included in the redesigns • 

B3 SumARY OF COST IMPACT 

The cost ~pact of the Guidelines is based on comments received from 
the engineers who redesigned the 21 bridges listed in Table. Bl. The 
engineers varied considerably in experience from those having little or no 
seismic experience to those who, routinely, seismically design bridges. 
Engineers with little experience tended to make the most conservative 
interpretation of the Guidelines and not all had time to reevaluate the 
~pact of the recommended changes to the third draft. of the Guidelines. 

A summary of the types of bridges included in the redesigns is given 
in Fig. B-1. The cost ~pact by bridge type using the third draft of the 
Guidelines is given in Fig. B-2 and a bar chart summary is given in Fig. B-3. 
Following the changes to the third draft of the Guidelines (Sec. B2}, the 
cost ~pact of the redesigns was re-evaluated. A summary of the cost impact 
after these changes were incorporated is shown in Fig. B-4. It should be 
noted that the cost ~pacts shown in Fig. B-4 are applicable to the 
guidelines presented in this report. The average cost increase for all 
bridges is 6.3%. If the three bridges with pier supports are excluded then 
the average cost increase for all other bridge types is 1.7%. 

In the case of pier suppox:ts the cost ~pact was significant, 
especially for higher Acceleration Coefficients. The cause of the high· cost .. 
increase for foundations is the design philosophy which attempts to minimize 
damage to the foundations. This is achieved in the Guidelines by designing 
the foundations for the maximum expected forces (either from column hinging 
or the elastic forces). This requirement was subsequently reduced for bridges 
classified as SPC B. To minimize the cost ~pact from the foundations the .. 
engineer should be sure that ultimate soil capacities are used and, where 
permitted, uplift should be accounted for in the design. In addition, 
wherever feasible, forces resulting from column or pier hinging should be 
used. These factors will considerably decrease the cost impact on the 
foundations. 

The cost impact on columns varied but was not more than 5% of the 
total bridge cost. The cost impact on abutments varied from a decrease in 
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cost in some cases to increases in other cases. However, in most instances 
the abutment was not as thoroughly redesigned as other elements. 

B4 DETAILED RESULTS OF REDESIGNS 

More detail ed results o.f the redesigns performed by the consultants 
are given in Tabl es B2 to B7. The results of redesigns performed by the 
states follow. The bridge numbers in the following summary refer to the 
bridge numbers in Table Bl. 

Bridge Nos. 7 to 11 - California 

The effect of the Guidelines on five bridges designed by CalTrans 
was assessed. Unfortunately because of time pressures a thorough redesign 
was not performed on any of the bridges, although the effect on all the major 
structural elements was assessed. Current CalTrans criteria use a maximum 
Coefficient of 0.7 and three of the five bridges were redesigned using this 
coefficient for both the ATC and CalTrans provisions. 

The three-span Kern River bridge which has pier supports had a 
3.3% increase in pier cos~s with little or no increase in the foundation 
costs. Based on the total bridge cost, the Route 80 on-ramp, which had 
single column supports, had a 1.5% increase in column costs and a 1.0% 
increase in foundation costs. There was also a 1.5% increase in the cost of 
hinge restrainers. 

The three bridges with multiple column bents showed little or no 
increase in cost. For the Milliken Avenue bridge, the designer stated that 
seismic design did not govern in the original design or the design using the 
draft Guidelines. 

In summary it is apparent that, although the philosophy and 
of the detailed provi sions of the Guidelines differ from those of the 
CalTrans requirements, the difference in the costs of implementing the 
sets of provisions is within 5% based on the total bridge cost and the 
force levels applicable to California. 

Bridge Nos. 12 and 13 - Idaho 

some 

two 
design 

The Lewiston Hill bridge was redesigned as a bridge classified as 
SPC A with an Acceleration Coefficient of 0.05. In the third draft of the 
criteria the only design requirement for this category was a minimum support 
length, and this had no impact on the original design. The Guidelines now 
contain a requirement for designing connections between the super and 
substructure. The effect of this requirement was not evaluated for this 
bridge. 
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In the initial redesign the Heyburn bridge had a 20% cost increase. 
Five percent of this cost was attributable to the gap requirement while the 
other 15% occurred because of the increased number of piles. This increase 
was caused by two factors. First, analysis method 1 was used to determine 
t he forces; and second, the third draft of the Guidelines did not specify an 
R-Factor for pile bents. Consequently the R-Factor of 1 for foundations was 
used. Following cl"arification of the R-Factor for pile bents, the use of 
analysis method 2 and the removal of the gap requirement, no increase in cost 
resulted from use of the revised Guidelines. 

Bridge Nos. 14 and 15 -Oklahoma 

The Verdigris bridge was redesigned using an Acceleration 
Coefficient of 0.10 and analysis method 1. The designer was not able to 
complete the redesign but determined for one bent there would be a $20,000 
increase in the foundation cost. Unfortunately because of time constraints 
the designer was not able to evaluate the impact of using analysis method 2 
or the recommended changes in the foundation forces for SPC B. It is assumed 
that both these factors would reduce the cost increase obtained for the one 
foundation that was redesigned. 

The Poteau River bridge was redesigned using an Acceleration 
Coefficient of 0.10 and analys is method 1. This resulted in a $40,000 
increase in the cos t of the f oundation for each bent. No cost increases were 
reported for the columns . T~e designer assessed the impact of using analysis 
method 2 and twice the column design forces for the foundation design as 
recommended in the Guidelines for SPC B. This decreased the cost increase 
for each foundation from $40,000 to $4,000 • 

Bridge Nos. 16 to 19 - New York 

The four redesigns performed by the State of New York for an 
Acceleration Coefficient of 0.10 indicated that for three of the four bridges 
the original bearings would have to be redesigned. A cost estimate for the 
redesigned bearings was not provided although it was stated that it would not 
be significant. Analysis method 1 was evaluated in two of the redesign~ and 
the results indicated the method produced very conservative design forces 
when compared to those obtained from analysis method 2. This and similar 
results from other redesigns convinced the PEP to remove the easily applied 
but overly conservative analysis method 1 of the third draft of the 
Guidelines • 

The results from the Future Route 225 bridge indicated that 
additional reinforcement would be required in the columns and footings 
although a cost impact was not provided • 

159 



Bridge Nos. 20 and 21 -Washington 

The two span bridge was originally designed using the 1973 AASHTO 
specifications and the interim specifications through 1977 . An increase of 
1.1% was reported in the foundation cost, which is a significantly smaller 
increase than for redesigns of other bridges with pier substructures. This 
is attributed to the fact that the original design forces were similar to 
those used in the redesigns. 

The six span bridge was originally designed using the 1973 AASHTO 
specifications and the interim specifications through 1977 . The reported 
cost increase of 1.9% does not include any cost increases for the foundation. 
The designer estimated that this increase would be of the order of 5% of the 
cost of the bridge but he indicated that if the forces resulting from column 
plastic hinging were used this cost would be significantly decreased. In the 
redesign the designer estimated that the cost of the gap requirement wou ld be 
approximately 1.7% of the cost of the bridge. This provis ion has now been 
removed from the Guidelines. 
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TABLE B-1: S~!MARY OF BRIDGE REDESIGNS USING THIRD DRAFT OF SEISMIC DESIGN GUIDELINES 
FOR HIGHWAY BRIDGES 

Lenatb llo. Brids@ N8111e 
& Location 

Feet of A 
(Ketera) Spana 

1. Hudaon liver 
Valley 
!lew York 

2. Hurobolt liver 
llevade 

-
3. Darbaa load 

California 

3S7 
(109) 

290 
(88) 

202 
(62) 

4. Keooooonee liver 240 
Wioconoln ( 73) 

Notes: 

5 

3 

2 

2 

0.10 
0.20 
0.30 
0.40 

0.10 
o.zo 
0.30 
0.40 

0.10 
0.20 
11.30 
0.40 

0.10 
0.20 
0.30 
0.40 

SPC ADalyaial 
Method 

B 
c 
c 
D 

B 
c 
c 
D 

I 
c 
c 
D 

• c 
c 
D 

1 
2 
2 
2 

1 
2 
2 
2 

1 
2 

1 
2 
2 
2 

2 
2 

Superatructure 

Continuoua rolled 
beaa - concrete 

' atruc:ture 36 1 (11•) 
vide 

Caat-in-place cone. 
box airder 57' 
07a) vide v/1300' 
( 39601) radiua of 
curvature 

Cut-in-place cone. 
box airder 84' 
(t6a) vide 

Continuoua welded 
ateel c-poeite 
plate airdar 30' 
(9a) vide 

Subatructure 

3 Col.,.. leinf. 
Cone. Bente Squ. 
Col....a v/pier 
cepe 

Pour Col._ leoti 
&k- ••riee 
between 30 to 40 
deareea 

Pour ColuaD Bente 

4'(l.ZII) vide x 
20' (601) long pier 
with ll de&ree 
akew 

Foundation Abutmenu 

Pile Supported Stub Abut.enta 
Concrete &leba v/wina valle 

aupported by 
pi he 

Pile footing& Open ea<l .. et 
with opread 
f~inae 

Pile footiaga Monolithic 
v/deck on pile 
foot in&• 

Pile footiaa• 1-free atandina 
full retainin& 
1-free atendin& 
celluhr - both 
pile aupported 

c-nu 

Coate increued up to 5% 
for SPC D. Coate were 
incurred in colo.na 1 
footinga 1 end ebut.enta 
ea the force lenl in
creaaed. lo oriainal 
.. i•ic deaip. 
Deeianed by 1957 AAIIIITO. 

Coate increaaed up to 12% 
for SPC D deaiano. 70% 
of coat vaa ia tbe abut-
aent. 
Deaianed by 1977 :UsBTO. 

Coate increaaed up to 24% 
for SPC D deaicn•• Moat 
of the increaae vee in 
foundation. 
~•ianed by 1977 £ASBTO. 
CalTraaa criteria. 

Coate increu .. ap to 34% 
for &PC D. Moat of the 
increue vaa ill tbe foun-
dation. 
No ori&ill&l aeiaaic 
deal an. 
Deaianed by 1976 oiAIIITO. 

IThe number• refer to thooe uoed in the third draft. Analyaia aetboda 2 and 3 of the third draft era the aaae aa aaolyaia procedure& 1 and 2 of the 
Guide 1 inea. 
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TABLE B-1: 

Bridse 11._ 
Length 

Feet 
& Location (Heteu) 

5. Hicheloon OT . 350 
California (107) 

6. South ! • Street 640 
Califomh 095) 

7. Item liYer 4~ 
California (123) 

8. loute 80 On- 694 
AHp \lil) 
California 

Jlote1: 

SUMMARY OF BRIDGE REDESIGNS USING THIRD DRAFT OF SEISMIC DESIGN GUIDELINES 
FOR HIGHWAY BRIDGES (continued) 

Ro. Alla1yoi1 1 
of A SPC Supt!retru.cture Subotraeture FDWldatioa Abut.ento C~entl 

Spetll Method 

4 0.10 B 2 Preeaot-preotreued Solid reinforeed 45 ton pre- Open end oeat Coote increased up to 47% 
0.20 c 2 COMrete 1irdere concrete walla etreaaed coac . type, free for SFC D with 2/l of the 
0.30 c 2 w/reinforeed eon- pileo otandina with coat lncreaee in the 
0 . 40 D 2 erete deck 43' (1311) back wall plero and foundatlono. 

vide Deaianed by 197l AABRTO 
and Cal trano. 

8 0.10 I 2 Caet-in-plaee I.C. Solid relnforeed 50 ton dr hea Opea end eea t Coate inereaoed up to 45% 
0.20 c l T be-e.· 2 inter- c:onerete wlle oteel B pileo type, free for SPC D vith 80% of the 
0.30 c l ...Shte hinaeo llftd otand ina vith eoot oc:currlna in the 
0.40 D l ezpaneion jointe at baek vall pi ere and fouudatione. 

each ababHnt - Deeiaoed by 1973 AASRTO 
39' (1211) wide and CdtrAfto. 

l 0.70 c Caltra1111 Ca.pooite eonerete Vall piere Spre8<1 fo1111da- Cantilever eeat 3.3% inerea;e In pier 
0.20 c l elab on etaal plata tloa type abutaent cooteJ 0.03% lncreaoe in 

alr<lere 62' (1911) foundation cootoJ 0 . 251 
wide inereaee in aaperetruc-

ture/pler connection. 
Inereaoe baoed on aoina 
frCM Caltr811o -thod to 
ATC-6 with A·0~ 7 . 

7 0.70 c 2 2 Pr-e~IP/PS Slnate eontilaYer Concrete eaet lllpansion type 1.51 increue in col._. 
v.zu e loa ~;i rder and llC cot ..... in drilled vith end dia- coot11 1.0% lncreah in 

loa Cir<ler 40'(12) holee pbrep oa pilee foundationJ 0.31 increoee 
wide in reatrainer•; 1.51 

increaee in hinsee. In-
creaeee beoed on aolna 
fr- Caltnne -thud to 
Atc-6 with A•0.7. 

lthe nu•bero refer to those aeed In the third draft. Analyeie _.thode 2 and 3 of th• third draft ere the ,_. •• ane1yolo procedYree l and 2 of the 
Cui de linea. 
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TABLE B-1: SUMMARY OF BRIDGE REDESIGNS USING THIRD DRAFT OF SEISMIC DESIGN GUIDELINES 
FOR HIGHWAY BRIDGES (continued) 

Bridge Name 
Length No. 

Analyoio 1 
Feet of A SPC Superatructure Subatrueture Foundation Abutlleata ec-eato & Location (Metere) Spano Method 

9. Milliken Ave. 455 7 0.40 c 2 Reinforced concrete 2 col.- bento Conere ta foot- Cantilever type leduign not c011plated 
California (139) 0.20 c 2 box airdero 42' inge on CIDB vitb back vall and Deoianer atateo that 

(lla) vide pileo ••i-ic forcee do oot 
appear to aovern. 

10 •. Verdugo Blvd. 523 s o. 70 c 3 CIP reinforced box Multi-col.- Spread foot- Diapbrap type Mo cbanaeo required eo.-
california (160) 0.40 c 3 airdera 1611 vide benta ina• and obort on oprelld foot- pored to deoign for eo.-

oteel H pileo ina• parable Coltrane force 
levela • 

II. Camden Ave. 225 2 0.40 c 1 C011pooite concrete 2 col..a benta Spread foot- Monolithic 0.31 increaae in coluan 
California (69) 0.30 c 1 olab oa oteel box ingo abutllent on eoat11 O.S% inereaae in 

airdera 67.S'(2la) apread footing footina coat•l 1.4% de-
vide Cl'eaae io abutaent coata. 

Decreaaa of 0.6% baaed 
on goina froa ColTrane 
aetbod to ATC-6 vitb 
A•0.4 . 

12. Lewiaton 252 3 o.os A N/A Cast-in-place cone. 3 col.- beata Spre.d foot- Concrete cap Bo ebaaae in tba deaign 
Idaho (17) box gi rder 79' (24a) ina• aupported on or rela ted eoato. The 

vide pilea nev SPC A requireaento 
were not evaluated. 

13. Heyburn 1312 32 0.15 c 1 Preatreued T-be ... Steel abe 11 pile Pileo and Beaa type aup- A 20% increaae in total 
Idaho (400) w/coacrete deck bento filled with c:oluana are ported by pilea coat dna to additional 

42' (lla) vide concrete with continuoua pile requireaenta. 
35° akev Cbangeo to third draft 

redttced the iocreaae to 
&ero. 
Deoianed by 197S AASHro. 

Note a: 
1-nte numbers refer to thoee used in the tbird draft. Analyeie •ethoda 2 and 3 of the third draft are the aaae •• analyaia procedure• 1 and 2 of the 
Cui de linea. 
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TABLE B-1: 

Bridge RHit! 
& Location 

14. Verdigrio River 
Oklahoma 

15. Poteau River 
Oklahoota 

16. llattenkill 
New York 

17. Rt. 225 
New York 

18. llulett Street 
New York 

Rotear 

Length 
Feet 

(Meters) 

451 
(137) 

572 
074) 

182 
(55) 

234 
(71) 

631 
(192) 

SUMMARY OF BRIDGE REDESIGNS USING THIRD DRAFT OF SEISMIC DESIGN GUIDELINES 
FOR HIGHWAY BRIDGES (continued) 

Ro. 
of 

Spano 

5 

2 

3 

A SPC 

0.10 B 

0.10 B 

0.10 B 

0.10 B 

0.1 B 

Analyoio 
1 

Method 

1 and 2 

1 and 2 

Superetrueture 

Pre1treeaed cone. 
1 ben 35'(lla) 
vide 

Reinforced concrete 
girders on approach 
epana. Haunched 
steel plate sirder 
center 3 epane 
35' (lla) vide 

Preotre88ed poa t 
tenaioned concrete 
beno with lOc• 
concrete slab 14a 
wide 

Subetructure 

2 cot ... no v/pier 
cap and vab wall 

2 colum~a per 
bent v/a web vall 
and tie beam 
bl!tveen colU111na 

Steel plate sirdeu 3 column bento 
v/concrete olab 
63' (19m) vide 

Steel plate sirdera Two colunm bents 
v/eoncrcte o!Ab 
42' (lb) vide 

Foundation Abutlllents 

Spread footing• Cantilever on 
piles with wing 
valle 

Tvo footing 
conditions 
were included: 
A drilled 
shaft and a 
spread foot
ing 

Cellular type 
abutment a. The 
approach spans 
for& the top 
part of the 
abutment. 

Open end seat 
type on spread 
foundations 

Spread footins• Open end aut 
type on spread 
foundations 

35 ton cut-in- Open end abut
place coucrete mente supported 
pi lea on pi leu 

Connenta 

A $100,000 increaoe in 
foundation coeta. This 
was not reevaluated for 
the recommended change a. 
Deoigned by 1976 AASHTO. 

Approx. 3.6% (of total 
co8t) increase in co~t of 
each found&tion. Thia 
reduced to 0.4% with 
recommended changea. 
Designed by 1976 AASHTO. 

A small increase in the 
cost of the abutment 
bearing111. 
Designed by NYDOT opec. 

Major redesign of bear
ings. Foundation Aize 
increaaed. 
Designed by NYDOT opec. 

Bearings require rede
signi.ng. No change in 
colnmn deoign. 
DesIgned by llYDOT epee. 

I The numbeu refer to those used in the third draft. Analyeia methods 2 and 3 of the third draft are the same a a anal yo is procedures 1 and 2 of the 
Guidelines. 
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TABLE B-1: 

Bridge llaae 
Length 

Feet 
' Location (Metera) 

19. at. 28A 475 
Mev York (145) 

20. Hidvay Avenue 241 
Washington (73) 

21. Yakiaa River 570 
Waehinaton (174) 

• . .. , • .. ·;.~+--:!. •t;. . ·. ·~'.;?o.<:-· .. .'~· , , .. 
··a -,~~- :-'t ... t ···-t. .. ~ ·~ ~.~ .. .. ~., .. - ~·- e 

SUMMARY OF BRIDGE REDESIGNS USING THIRD DRAFT OF SEISMIC DESIGN GUIDELINES 
FOR HIGHWAY BRIDGES (continued) 

llo. Allalyah 1 
of A SPC Superetructut:e Subatructure roundadon Abutaenta C:O.Oeota 

Span a Method 

2 0.10 I 1 and 2 Steel plata airdera Two col.- bent Spread footinaa Open aeat abut- 1o chana• in footina and 

v/coapoeite alab -nt on apr .. d col..., duip. 

37' ( lla) vide found a tiona Deaianad by HYDOT a pee. 

2 0.20 c 1 Precaat ai r4era Single col...., Spread foot- CaatileveT &aall coat incraaaa (1%) 

cootinuoua for 1• hi&h ina• bearioa vall in footin&•• 
liveload, llll vide v/apread foot- Deaianed by 1917 W DOT 

in sa apec. for earthquake. 

6 0.15 c 2 Preatreaaed airder Tvo col.- bent Spread footinao Stub vall Approa. 8% increaae in 
16oa vide total coat coapared to 

oriainal atructure. 
Deaigned by 1977 W DOT 
apac. for earthquake. 

Note•: 
IThe nu•bera refer to those uoed in the third draft. Analyaio aethodr 2 and 3 of the third draft are the oa.e aa analyaio procedure• 1 and 2 of the 
Guideli.nea. 

• 



TABLE B-2: BRIDGE NO. 1 -HUDSON RIVER VALLEY 

GENERAL BRIDGE INFORMATION 

GENERAL: Five span continuous rolled beam - concrete deck structure. 

BRIDGE LENGTH: 357 ft (109 m) 

SPANS: Four spans of 75 ft (23 m); one span of 57 ft (17 m) 

CURVATURE: None 

ROADWAY W!Dni: 30 ft ( 9 m) 

TOTAL BRIDGE WIDTH: 35 ft 9 in. (10.9 m) 

PIER SKEW: None 

ABUTMENT S.KEW: None 

DESCRIPTION OF SUPERSTRUCTURE: Five 36 in. (914 mm) wide flange beams 
designed in composite action with the 7 in. (178 mm) thick slab. 
Transverse diaphragms are 18 in. (457 mm) structural channels spaced 
at 19 ft (5.8 m). 

DESCRIPTION OF SUBSTRUCTURE: Three column bents of reinforced concrete with 
36 in. (914 mm) square columns and pier caps. Clear column heights 
are 21 ft (6.4 m), 9.2 ft (2.8 m), 16 ft (4.9 m) and 15 ft (4.6 m). 

DESCRIPTION OF ABUTMENTS: Stub abutments with wing walls are on pile 
supported footings in the upper portion of the embankment. Backwalls 
are 4.5 ft (1.4 m) high, bearing seats are 3 ft (0.9 m) high and the 
footings are 3 ft (0.9 m) thick for a total abutment height of 10.5 ft 
(3.2 m). Concrete filled steel pipe piles are embedded 6 in. (152 mm) 
into the footings. 
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TABLE B-2: BRIDGE NO. 1 - HUDSON RIVER VALLEY (continued) 

DESCRIPTION OF FOUNDATIONS: Pile supported concrete slabs 3 ft (0.9 m) thick, 
29 ft (8.8 m) long 10 to 12 ft (3 to 3.7 m) wide. Piles are concrete
filled steel pipe piles driven to rock with a design capacity of 
45 tons (405 kN). The pile lengths vary from 13 to 35 ft (4 to 11 m). 

COLUMN CONNECTIONS: Three of the piers are connected with rocker'bearings 
for the steel stringers. The fixed pier bearings base casting is 
anchored to the pier with 2 in. (50.8 mm) diameter bolts • 

ABUTMENT CONNECTIONS: Cast iron rocker bearings • 

DESIGN SPECIFICATION: The bridge was designed in 1961 to the 1957 AASHTO 
Standard Specifications. Seismic forces were not considered in the 
design. 

DESIGN LOADING: Two 24,000 lb (108 kN) axles at 4 ft (1.2 m) on center • 
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TABLE B- 2: BRIDGE NO. 1 - HUDSON RIVER VALLEY ( cont inued) 

SEISMIC DESIGN DATA 

JIUPOIISI 
PERIOD OF VIHATIOII 

MODinCATIOtl SEISMIC OOEFFICIEIIT 
(SEC) 

FAeT«:a 
AOCI!IZIIATIIII 

SOIL 
SIISIIIC MI!TIKII 

OOEFPICll!tiT 
PIOFlll! 

PEIIFORJWICI! OOLO!IIt 
AJI01MI!IIT 

or OlliGIItAL GUIDELIRI! OlliGitiAL GUIDELIRI! 
A CATI!OOIIT OR PIER 

AJlD/(JI 
AIULYSlB DI!SlGit QESIGit DI!SIGit DESIGII 

LOIIG TRAil IXP. JOIIIT LOIIC TRAil LOtiG TRAit LOIIG TRAit LOtiG . TRAit -....., 0.10 1 • 6 6 0.1 I - - 0 •. 25 0.25 
N 

0.20 1 c 6 6 0.1 2 - - 0.23 0.50 - - 1.04 0.19 

0.30 I c 6 6 0.1 2 - - 0.35 0.75 - - 1.04 0.19 

0.40 I D 6 6 0.1 2 - - 0.47 1.00 - - 1.04 0.19 

-j~ 

! ' 

•; I ~ • •.• 

· ·n 
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TABLE B-J: BRIDGE NO • 2 - HUMBOLT RIVER 

GENERAL BRIDGE INFORMATION 

GENERAL: Three span cast-in-place post tensioned concrete box girder bridge. 

BRIDGE LENGTH: 292 ft (89 m) 

SPANS: 3 

CURVATURE: 1300 ft (396 m) 

ROADWAY WIDTH: 

TOTAL BRIDGE WIDTH: 57 ft (17m) 

PIER SKEW: 370 and 320 

ABUTMENT SKEW: 280 and 420 

DESCRIPTION OF SUPERSTRUCTURE: Cast-in-place post tensioned concrete box 
girder 4-1/2 ft (1.37 m) deep. 

DESCRIPTION OF SUBSTRUCTURE: Two four columo. bents • . Columns are 4 ft (1.2 m) 
in diameter 27 to 32 ft (8 .2 to 9.8 m) long. 

DESCRIPTION OF ABUTMENTS: Open ·end seat with 3 ft (914 mm) bearing seat 
and 1 ft (305 mm) backwall. The abutment is on a 9 ft wide by 2 ft 
(2.8 m x 0.6 m) thick spread footing. 

DESCRIPTION OF FOUNDATIONS: Pile footing with a 9 ft x 7 ft x 3-1/4 ft 
(2.8 m x 2.1 m x 1.1 m) pile cap. There are six 40 ft (12.2 m) long 
piles with a 70 ton {630 kN) capacity. 
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TABLE B-3: BRIDGE NO. 2 - HUMBOLT RIVER (continued) 

COLUMN CONNECTIONS: Integral with the superstructure and pinned at the 
column footing • 

ABUTMENT CONNECTIONS: Elastomeric bearing pads • 

DESIGN SPECIFICATION: 
to 1977 • 

1973 AASHTO Specifications and Interim Specifications 

DESIGN LOADING: AASHTO HS 20-40. Seismic loading was for a coefficient of 
0 . 066 in the longitudinal direction and 10% in the transverse • 
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TABLE B-3: BRIDGE NO. 2 - HUMBOLT RIVER (continued) 

SEISMIC DESIGN DATA 

Ills 1'(111 Sl 
SIISKIC COIFPICIIRT PllllOD OF VIBRATIOIC HODifiCATIOI 

(SIC) 
FACTOR 

ACCIIJI!IlATICM 
SOIL 

SIISHIC HI THOll 
COIFPICIDT 

PROPIIJI! 
PlltFORMAifCI COLtlfll AllmiiRT 

or ORICDW. COIDILlft ORICIICAL CUIDELlm! 
A CATICOIY OR Pl!ll 

NJD/OR 
AICALYSII DISICJl DIS I G. DI!SICIC DISICIC 

...... ....., LlliiC TltAII UP. JOlft 
·LOICC TiM LlliiC . nAil LORe TltAII LOIIC TII.U 

0\ 

0. 10 II I 6 6 0.1 1 0.066 0.10 o:n . 0.~5 

0. 20 11 c ' ' 0.1 2 0.066 0.10 0.25 o.se 1.23 - 1.23 0 . 33 

0 . 30 11 c 6 6 8.1 2 0.066 0.10 0 . 31 0.75 1.23 - 1.23 0.33 

0.40 II D 6 6 0.1 2 0.066 o •• o o.so 1.00 .1.23 - 1.23 0.33 



• 

• 

• 

• 

• 

Note: . (l)The foundations were designed for the full elastic forces whereas 
in SPC C and D they were designed for the column plastic hinge 
forces • 
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TABLE B-4; BRIDGE NO • 3 - DURHAM ROAD 

GENERAL BRIDGE INFORMATION 

GENERAL: Two span cast-in-place post tensioned concrete ·box girder. 

BRIDGE LENGTH: 202 ft (62 m) 

SPANS: Two of 101 ft (31 m) 

CURVATURE: None 

ROADWAY WIDTH: 

TOLL BRIDGE WIDTH: 84 ft (26 m) 

PIER SKEW: None 

ABUTMENT SKEW: None 

DESCRIPTION OF SUPERSTRUCTURE: Cast-in-place post tensioned concrete box 
girder 4-1/2 ft (1.4 m) deep. 

DESCRIPTION OF SUBSTRUCTURE: One four column bent with 4 ft (1.2 m) diameter 
columns 32-1/2 ft (9.9 m) long. 

DESCRIPTION OF ABUTMENTS: Monolithic abutments 3 ft (0.9 m) wide with pile 
foundation. Piles are 71 ft (2.2 m) long with 70 ton (630 kN) 
capacity. 
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TABLE B-4: BRIDGE NO. 3 - DURHAM ROAD (continued) 

DESCRIPTION OF FOUNDATIONS: Pile foundation with 9 ft x 9 ft x 3-3/4 ft 
(2.7 m x 2.7 m x 1 .1 m) thick pile cap. Piles are 51 ft (15.5 m) long 
with 70 ton (630 kN) capacity • 

COLUMN CONNECTIONS: Integral with superstructure and fixed at column footing. 

ABUTMENT CONNECTIONS: Monolithic 

DESIGN SPECIFICATION: 1977 AASHTO and State of California Division of 
Highways Bridge Planning and Design Manual. 

DESIGN LOADING: AASHTO HS20-44 
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TABLE B-4: BRIDGE NO. 3 - DURHAM ROAD (continued) 

SEISMIC DESIGN DATA 

liES !'()liSE 
PERIOD OF VIBRATIOR MODiriCATIOR SEISMIC COIFFICI!RT (SEC) 

FACT~ 

ACCILIRATIIII 
SOIL 

S!ISIIIC HET1IOII 
COD'riCIIRr PI!IIFOIUWICI COLmnt or ORICIWAL CUID!LIRI ORICIRAL CUIDBLIRI 

A 
PliO FILII 

CADCORT OR PU:Il 
Allmlllft 

AIIALTSIS D!SICII DI!SICIII DIISICR DIISJCR 
ARD/011 

LOIIC TllAII 
UP. JOIRT 

LOIIC TllAII LOIIC TRAM LOIIC TRAM LOIIC TRAM .... 
00 
0 

0.10 II • 6 6 - 1 0.146 0.146 0.25 0.25 0.51 0.51 

0.20 II c 6 6 - 2 0.146 0.146 0.30 0.50 0.51 0.51 0.94 0.12 

0.30 II c 6 6 - 2 0.146 0.146 0.45 0.75 0.51 0.51 0.94 0.12 

0.40 II D 6 6 - 2 0.146 0.146 0.60 1.0 0.51 0.51 0.94 0.12 

:"" 
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•• 
,. TABLE B-4: BRIDGE NO. 3 - DURHAM ROAD (continued) 

I 
J 

"! SUMMARY OF EXTRA COSTS 

•• 
SEISMIC PERFORMANCE 
CATEGORY B c .c D 

ACCELERATION COEFFICIENT 0.10 0.20 0.30 0.40 

• 
Columns & Piers -$·8 ,350 -$7' 650 -$2,400 -$5,540 

Abutments 

• 
Foundations $3,000 $22,900 $76,620 $99,200 

Connec·tions $800 $800 $1,500 

• 
Other -$420 -$420 -$420 $28 ,380{1) 

Total -$5,770 $15,630 $74,600 $134,530 

• % Increase Based on -1.0% 2.7% 13.0% 23.4% 
1980 Estimated Cos.t 

' 
of $576,200 

• Note: {!)Approach Slab Costs. 

• 

• 
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TABLE B-5: BRIDGE NO • 4 - MENOMONEE RIVER 

GENERAL BRIDGE INFORMATION 

GENERAL: Two span structure ,spanning the Menomonee River, two traffic lanes, 
pedestrian walkway on one aide. 

BRIDGE LENGTH: 240 ft (73 m) 

SPANS: Two of 120 ft (36 .6 m) 

CURVATURE: 60 

ROADWAY WIDTH: 30 ft (9 m) 

TOTAL BRIDGE WIDTH: 38 ft 6 in. (11.8 m) 

PIER SKEW: 11o + 

ABUTMENT SKEW: 11 o + 

DESCRIPTION OF SUPERS!RUCTURE: Two span continuous welded steel composite 
plate girder · with 60 in. (1524 mm) web; girder spacing 8 ft (2 .4 m) +; 
8 in. (203 mm) concrete deck. · 

DESCRIPTION OF SUBSTRUCTURE: Concrete T-type pier, . . pile .supported, with 
4 ft x 20 ft (1.2 m x 6 m) shaft beveled at ends; shaft cap cantilevers 
9 ft (2.7 m) each side of shaft; 4 ft (1.2 m) deep concrete seal poured 
beneath footing; pier height • 37 ft (11.3 m) from top of footing to 
top of pier; footing thickness • 4 ft (1.2 m). · 

DESCRIPTION OF ABUTMENTS: North Abutment - ¥ree standing, full retaining 
abutment, pile supported; South Abutment - free standing, cellular 
abutment, pile supported. 

DESCRIPTION OF FOUNDATIONS: All footings supported on HP 12 x 53 piles 
driven to 60 tons (540 kN). Piles designed for 45 tons (405 kN) per 
pile with an allowance of 15 tons (135 kN) per pile for drag load. 
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TABLE B-5: BRIDGE NO. 4 - MENOMONEE RIVER (continued) 

COLUMN CONNECTIONS: Fixed steel rocker bearing welded to girder and anchored 
to pier with steel anchor bolts • 

ABUTMENT CONNECTIONS: Expansion steel rocker bearings with lubricated bronze 
plate. Bearing plate anchored to abutment with steel anchor bolts. 

DESIGN SPECIFICATION: AASHTO 1973 with interims through 1976 with no seismic 
design. 

DESIGN LOADING: HS20-44 
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TABLE B-5: BRIDGE NO. 4 - MENOMONEE RIVER (continued) 

SEISMIC DESIGN DAtA 
' 

USI'OftiiB 
PIRIOD OF VliiRAriOll HOOirlCATI<M SIISMIC COErrlCI!lii (SI!C) 

FACTOR 
ACC!LnATIOit 

SOIL 
RISIIIC IIIITliOO 

CO!FFICI!lll 
PROFILE 

PIRrORIWIC! COLUIIIf 
AIIUTIII!lii 

or OllGIIfAL GUIDELin OIIGllfAL GlflD!Lllf! 
A CATEGORY OR PIER 

AlfD/01 
.AIW.TS18 D!SICR D!SIGif D!SIGif D!SIGif 

...... LOifG TRAit 
UP, JOilii 

LOifG TRAit LOifG TRAit tolfG TRAit tolfG TRAit 

~ 
0.10 1 • 2 2 o.8 1 - - 0.25 0.25 - - o.oo o.oo 

0.20 I c 2 2 0.8 2 - - 0.37 0.50 - - 0 . 98 0.14 

0.30 I c 2 2 0'.8 2 - - o.ss· 0.75 - - 0.98 0.14 

0.40 I D 2 2 o.8 2 - - 0.73 1.00 - - 0.98 0.14 

t• ;!.1 
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TABLE B-5: BRIDGE NO. 4 - MENOMONEE RIVER (continued) 

I 
~ SUMMARY OF EXTRA COSTS 

· ·:.: . -'~ • ·u 
- ~ 

• 
\: 
t·: 

~ ~ -

<: 
"t • • 
; 
! • 

! 
~ 

• 

• 
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•• 
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SEISMIC PERFORMANCE 
CATEGORY B 

ACCELERATION COEFFICIENT 0.10 

Columns & Piers $ 5,000 

Abutments 

Foundations $32,000 

Connections $ 1,000 

Other 

Total .. $38,000 

% Increase Based on 
1980 Estimated Cost 
of $475,000. · 

8% 
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0.20 0.30 

$ 5,000 $ 6,000 

$ 1,000 $ 1,000 

$60,000 $100,000 

$ 4,000 $ 6,000 

$70,000 $113,000 

15% 24% 

D 

0.40 

$ 12,000 

$ 20,000 

$140,000 

$ 8,000 

$160,000 

34% 



TABLE B-6: BRIDGE NO • 5 - MICHELSON DRIVE 

GENERAL BRIDGE INFORMATlON 

GENERAL: Four span precast prestressed concrete "I" gi rder bridge. 

BRIDGE LENGTH: 350 ft (107m) 

SPANS: Four of approx~ately 87 ft (27 m) each 

CURVATURE: None 

ROADWAY wrnm·: 29 ft (8.8 m) 

TOTAL BRIDGE WIDTH: 43 ft ( 13 m) 

PIER SKEW: 1-1/20 

ABUTMENT SKEW: 1-1/20 

DESCRIPTION OF SUPERSTRUCTURE: Precast prestreued "I" girders, continuous 
for live load with reinforced concrete deck slab. 

DESCRIPTION OF SUBSTRUCTURE: Solid wall of reinforced concrete 44 ft long 
x 23ft high, 20 in. thick (13.4 m 1t 7.0 m, 508 DD). 

DESCRIPTION OF ABUTMENTS: Open end seat type, free standing with back wall, 
parallel wing walls integral with abutments. 

DESCRIPTION OF FOUNDATIONS: 45 ton (405 kN) driven precast-prestressed 
concrete piles, 15 in. (381 mm) square. 
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TABLE B-6:· BRIDGE NO. 5 - MICHELSON DRIVE (continued) 

CONCRETE CONNECTIONS: Girders continuous at piers, depressed shear keys at 
top of piers to resist longitudinal and transverse loads • 

ABUTMENT COtTNECTIONS: Girders on elastomeric bearing pads, shear keys 
utilized to resist transverse lateral loads • 

DESIGN SPECIFICATION: 1973 AASHTO supplemented by State of California Bridge 
Planning and Design Manual. 

DESIGN LOADING: HS 20 • 
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TABLE B-6: BRIDGE NO. 5 - MICHELSON DRIVE (continued) 

SEISMIC DESIGN DATA 

IU!SPOIISI 
P!llOD OP VII!ltATIOII 110111 PI CAT lOll . I!ISHIC OOEPTIOI!Nr 

( S!C) 
f ACTOR 

AOCI!LI!IATlOII 
SOIL 

l!lSMIC III!TIIOD 
OOEPFI C li!Nr PUJ'OlliAIICI! OOLIMN or OltlCUtAL CIJIDELIN! OllGIIIAL GUIDtL111E 

A 
PIIOJ'lut 

C.lTI!GOIIY OR Pli!Jit 
AIAJ'n!!Nr 

AIIALYSIS DESIGII DI!SlGII MSIGR DESIGtl 
llltD/01. 

LOIIG 1'IWI 
uP. JOIIIT 

LD"O TRAil LORO 'I1lAll LOIIC TRAM LOIIG TRAN .... 
00 
00 

••• 0.10 II • 2 2 2 o.u 0.18 o .• , Oo25 0.91 -· 0.92 0.03 

0.20 II c 4 2 o.8 2 0.-U ·-0.18 0,30 0.50 0.92 - 6.92 0.03 

0.)0 11 c 4 2. O•l 2 0.12 . 0.18 0.46 - o. 75 0.92 - 0.92 0.03 

0.40 II D 4 ' 2 o.e 2 0.12 o.~8 0.61 1.0o 8.92 - 0.92 0.03 

. : 
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TABLE B-7: BRIDGE NO. 6 - SOUTH E. STREET 

GENERAL BRIOOE INFORMATION 

GENERAL: Eight span cast in place reinforced contrete 11T11 beam. 

BRIDGE LENGTH: 640 ft (195 m) 

SPANS: Two of 64 ft (19.5 m), six of 85.3 .ft (26m) 

CURVATURE: None 

ROADWAY WIDTH: 26 ft (7. 9 m) 

TOTAL BRIOOE WIDTH: 39 ft (12 m) 

PIER SKEW: 200 

ABUTMENT SKEW: 200 

DESCRIPTION OF SUPERSTRUCTURE: Cast in plaee reinforc.ed concrete "T" beam 
with 2 intermedia te hing~s and expansion joints at each abutment. 

DESCRlPTION OF SUBSTRUC~: Solid wall reinforced concrete piers 42~5 ft 
(13.0 m) long, 37 ft (11.3 m) high and 20 in • . (508 11111) thick. 

DESCRIPTION OF ABUTMENTS: Open end seat type, free standing with back wall. 
Settlement approach slab on b.ack wall. 

DESCRIPTION OF FOUNDATIONS: 50 ton (450 kN) driven ''R" piles 
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TABLE B-7: BRIDGE NO. 6 - SOUTH E. STREET (continued) 

COLUMN CONNECTIONS: Piers built integral with deck. 

ABUTMENT CONNECTIONS: Expansion joints with longitudinal and transverse 
shear keys. 

DESIGN SPECIFICATION: 1973 AASHTO supplemented by State of California Bridge 
Planning and Design Manual. 

DESIGN LOADING: HS 20 • 
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TABLE B-7: BRIDGE NO. 6 - SOUTH E. STREET (continued) 

SEISMIC DESIGN DATA 

DIPOIIII 
PIIIOD OP YIIIATIOW IIODinCATIIII IIISNIC COirrtCIIRf 

rACna 
(DC) 

AOC.LIUTJIII lOlL IIISNIC llmioo 
COBPYICIIM P.,PILI PEJIFOUIMCI COUIIII AID'nll. liP OIICIJW. C:UIDILIIII O.ICIIIAL C:UJDILJIII 

,\ CATIGOIY Ill Pill 
IIIID{ria 

MAJ. !III DIIICII DISJc• DIIICII DIIICI 

u.o ftMI ur. JOIIIf u.o ftMI LCMC TUII LOIIC TIAII u.o TIAII 

-\0 
0.10 It I 4 I ••• I 0.14 o.u 0.14 o.u O.IJ 0.4 1.0 0.49 

N 

O.JO II c 4 I ••• , 0.14 o.u O.JI 0.46 o.n O.A 1.0 0.49 

.. ,. li c 4 I ••• , 0.14 o.u O;AJ 1.10 O.IJ .... 1.0 . ... , 
0.40 II • 4 I ••• , . o.i4 o.u O.SJ .. , o.11 0. 4·· 1.0 o.u· 

... . _,. . 
" I 

.··· ,., 
... :r. 
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TABLE B-7: BRIDGE NO. 6 - SOUTH E. STREET (continued) .. 

SUMMARY OF EXTRA COSTS . ,.., 
SEISMIC PERFORMANCE 
CATEGORY B c c D 

ACCELERATION COEFFICIENT 0.10 0.20 0.30 0 .40 

•• 
Columns & Piers $137,000 $173,700 $241,500 

I. Abutments $ 4,000 $ 4,000 $ 15,000 $ 15,400 

.. 
Foundations $ 84,000 $140,000 $187,600 

Connections 

• Other $ 8,000 $ 8,000 $ 8,000 $ 9, 000 

Total $12,000 $233,000 $336,700 $453 ,500 

• % Increase Based on 1.2% 23.5% 34% 46% 
1980 Estimated Cost 
of $990,000 
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